PRELIMINARY DESIGN AND ANALYSIS
FOR AN IMMERSED TUBE TUNNEL
ACROSS THE iZMiR BAY

A Thesis Submitted to
The Graduate School of Engineering and Sciences of
Izmir Institute of Technology
in Partial Fulfillment of the Requirements for the Degree of
MASTER SCIENCE

in Civil Engineering

by
Nisa KARTALTEPE

October 2008

IZMIiR



We approve the thesis of Nisa KARTALTEPE

Assist. Prof. Dr. Giirsoy TURAN
Supervisor

o

Assoc. Prof. Dr. isfendiyar EGELI
Co-Supervisor

—_

Assist. Prof. Dr. Engin AKTAS
Committee Member

Aebwans U

Assist. Prof. Dr. Sebnem ELCI
Committee Member

. To—\J

Assist Prof, Dr. Yusuf ERZIN
Committee Member

17 October 2008
Date
P
g //C—’—’
/ [ P4 /
Prof. Dr. Gak;@ TAYFUR Prof. Dr. Hasan BOKE
Head of the Department of Head of the Graduate School

Civil Engineering



ACKNOWLEDGEMENTS

I would like to express my sincere gratitude to my supervisor Assist. Prof. Dr.
Giirsoy TURAN and my co-supervisor Assoc. Prof. Dr. Isfendiyar EGELI for their
guidance, supervisions, and support throughout this study.

I also would like to special thanks to Asst. Prof. Dr. Engin AKTAS, who is the
member of thesis committee, for their contributions to this thesis.

I also would like to thanks to other members of the thesis committee, Asst. Prof.
Dr. Sebnem ELCI and Asst. Prof. Dr. Yusuf ERZIN.

I would like to thank to DLH (The State Railways, Ports, Airports Authority)
and KGM (Republic of Turkey General Directorate of Highways) for providing us
technical reports and data.

Thanks to research assistances at [YTE Department of Civil Engineering who
helped me in anyway along this study. Also special thanks to Anil CALISKAN and Ash
BOR for their good friendships and love.

I offer sincere thanks to my husband Barbaros KARTALTEPE for all his
boundless love, continuous support, understanding, and patience. Finally, I would like
to thank my father, my mother and my sisters for all their love, support, and

encouragement.

i1



ABSTRACT

PRELIMINARY DESIGN AND ANALYSIS FOR AN IMMERSED
TUBE TUNNEL ACROSS THE IZMIR BAY

In this study, a preliminary design and analysis of an immersed tube tunnel is
presented. The tube tunnel will connect the two coasts of the Izmir Bay and whereby
will ease the transportation of the city. The reason to suggest an immersed tube tunnel is
due to the shallow water depth (<25 m) and that the soil profile of the Izmir Bay is
made up of silty-sand. Hence, the Bay is appropriate for an immersed tube tunnel.

First, a possible alignment was assigned for the tunnel. The technical, geometric
properties of the tubes were determined, and the detailed drawings of them were made.

The allowable bearing capacity of the seabed was calculated and it was
determined that the soil has not enough capacity to withstand the design load. The
liquefaction risk of the soil was investigated as well, and it was shown that the soil has
high liquefaction potential.

A static analysis of the tunnel was made in Calculix, a finite element program.
The vertical displacement of the tube unit under static loads was calculated to be above
the permissible settlement value. Afterwards, the seismic analysis was made to
investigate stresses developed due to both racking and axial deformation of the tunnel
during an earthquake. It was found that, the max stress due to the racking effect is less
than the compressive strength of the concrete, and max stress due to the axial
deformation is larger than compressive strength of the concrete. The high in the tube
occur, because of the tubes high stiffness. This problem was solved by releasing the
rigid connections in between two tube units. If these connections are made by using
same form of elastomer joints, the deformation will occur in these joints, releasing the
tubes internal stresses.

Considering these drawbacks, ground improvement was recommended for the
seabed and an increased value of the standard penetration of the soil was estimated.
Then, the analyses were repeated and it was found that all drawbacks were eliminated.

As a conclusion, it was decided that if suggested improvements are made in the

seabed soil, the immersed tube tunnel can be constructed across the Izmir Bay.
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OZET

[ZMIR KORFEZI ICIN BATIRMA TUP TUNELIN
ON TASARIMI VE ANALIZI

Bu calismada, izmir Kérfezi’nin iki yakasi arasinda ulasimi rahatlatmak icin
Onerilen batirma tiinelin 6n tasarimi ve analizi yapilmistir. Batirma tiinelin se¢ilmesinin
nedenleri; izmir Kérfezi’nin olduk¢a s13 su derinligine(<25m) sahip olmasi, zeminin
cogunlukla yumusak siltli-kum ihtiva etmesi nedeniyle bu gegis sistemi i¢in uygun
olmasidir.

Bu sebeple, Oncelikle batirma tiinelin giizergahi belirlenmis, ardindan tiinelin
teknik ve geometrik 6zellikleri sunularak en-kesit ve boy-kesit ¢izimleri yapilmistir.

Zeminin maksimum ve izin verilebilir tasima giicli hesaplanmis, bunun tiinelin
yerlestirilmesi sonrasinda zeminde olusacak basing degerinin altinda oldugu
gosterilmistir. Mevcut deney neticeleri kullanilarak zeminin sivilasma potansiyeli
incelenmis ve bu riskin yiiksek oldugu saptanmaistir.

Tiinelin statik analizi sonlu elemanlar programi olan Calculix yardimiyla
yapilmustir. Tlinelin statik yiikler altinda diisey yer degistirmesi hesaplanmig ve meydana
gelen oturma degerinin izin verilen sinir degerinin iistiinde oldugu belirlenmistir.

Ardindan, tiinelin deprem esnasindaki yanal ve eksensel deformasyonundan
dolay1 olusan gerilmeler hesaplanmistir. Tiinelin yanal 6telenmesi nedeniyle olusan
gerilmeler betonun basing dayaniminin altinda olmasina ragmen, eksensel deformasyon
nedeniyle meydana gelen gerilmelerin betonun basing dayaniminin oldukca istiinde
oldugu tespit edilmistir. Bu sonucun tiinel elemanlarinin birbirleriyle rijit olarak
baglanmasindan dolay1 olustugu anlagilmistir. Bu sorun her bir tiip {initesinin arasina
baglant1 elemaninda olugmasi saglanmis, tiiplerin ilizerindeki gerilmelerin betonun
basing dayaniminin altinda kalmasi saglanmistir.

Biitiin bu sakincalar1 gidermek i¢in tiinel zemininde zemin iyilestirme yapilmasi
gerekliligi belirtilmis ve Onerilen standart penetrasyon degeri hesaplanmistir.Yeni
standart penetrasyon degerine gore analizler yinelenmis ve biitiin degerlerlerin kabul
edilebilir seviyelere indigi gosterilmistir.Calismanin sonucunda, gerekli iyilestirmeler

yapildig1 takdirde izmir Korfezi’nin batirma tiip tiinel i¢in uygun oldugu saptanmustir.
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CHAPTER 1

INTRODUCTION

1.1. Purpose

The purpose of this study was to make the preliminary design and analysis an
immersed tube tunnel proposed to ease the izmir Bay area traffic congestion problem by
providing a shortcut circulation of traffic. The preferred analysis method is finite
element method. To be able to apply the finite element analysis a three-dimensional
finite element program Calculix and structural program SAP 2000 were used.

The reason why we focused on this topic is that the population of the Izmir city
has been increase due to industry, university, and tourism presence, according to the
State Institute of Statistics. Parallel to the population growth, the traffic congestion is
also rising. Especially, people who live on the either side of the izmir Bay are obliged to
make use of either the ferry service or drive through the highway enclosing the Bay.
Because of the fact that transportation capacity of the ferry is limited, people mostly use
highways surrounding the Bay, although these highways do not meet the current traffic
demand.

Considering all of these, it is apparent that there is a need for a shortcut solution
across the Izmir Bay. Therefore, the immersed tube tunnel considered for the Izmir Bay
so that it is both economic and more appropriate than any other crossing types of
structures. Moreover, according to the State Railways, Ports, Airports Authority (DLH)
estimates, the soil profile of the izmir Bay bottom consists of mostly very loose to loose
silty-sand layer. Therefore, the ultimate bearing capacity of the soil is very low. In order
to take the advantage of natural buoyancy of water, total load transferred to the soil is
considerably diminished. In addition, the existing maximum seawater depth is very
shallow (<25 m). Hence, the immersed tube tunnel is the most suitable crossing

structures for this type of soils.



1.1. Advantages of the Immersed Tube Tunnel across the izmir Bay

The advantages of the immersed tube tunnel across the izmir Bay are;
1. Contribution to the environment and the economy

2. Regional contribution

1.1.1. Contribution to the Environment and Economy:

Presently, the transportation needs between the two coasts of the izmir Bay are
provided by ferries and land transport. Since the ferry service is limited in capacity,
people prefer highway transportation. The total distance traveled along the north and
south coasts of Izmir Bay is almost 40 km and travel time is 60 min., as a rough
estimate. However, if immersed tube tunnel is constructed across the Izmir Bay, this
distance will be reduced to 7580 m, and the maximum travel time will be 10 min. Due
to this considerable difference, the more savings in petrol usage will be realized and the
less air will be polluted resulting from the exhaust gases. Thereby, the air quality of
Izmir will be improved. In addition, due to the saving in imported petrol, a positive
contribution to economy will be provided. Furthermore, since travel time will be

reduced, the life quality of the region people will be increased.

1.1.2. Regional Contribution

If immersed tube tunnel is constructed:

1. Both the ferry traffic and highway traffic will be less between the Ugkuyular
and Cigli Sides,

2. The distance between Cigli and Adnan Menderes Airport will be decreased by
8 km.

3. The traffic density will be dramatically diminished at the city center.

4. Distance from Cesme Motorway to Izmir-Canakkale Road at the north side of
the bay will be reduced by 40 km.

According to the Republic of Turkey General Directorate of Highways (KGM)

Annual Average Daily Traffic Report in 2005 the maximum traffic density in Izmir-

Cesme Motorway is observed in between July and August and in these months,



approximately 40000 vehicles use this motorway daily. Similarly, the same report state
that the max traffic density realizes in between July and August in Izmir-Aydin
Motorway and the average number of vehicle per day using this motorway is 37000. On
the other hand, the capacity of Izmir Orbital Road is 40000 vehicles. Based on the these
investigations, it can be assumed that if immersed tube tunnel is constructed on between
Uckuyular and Cigli side, most probably at least 30000 vehicle will use this tunnel per
day.

To make a rough estimate about the cost of the immersed tube tunnel, it is
compared with the Marmaray Project. The unit cost of the immersed tube tunnel part of
the Marmaray Project is about 100 million USD per km. Since the total length of the
immersed tube tunnel recommended for the Izmir Bay is 7.6 km and its width about

1.33 times larger than the Marmaray, the approximate cost might be about
((39.8/15.3)-100-7.6) =2 billion USD. However, if it is considered that the taken

Marmaray unit cost price of 100M USD/km doesn't cover the below explained cost
items of the IBITT tunnel, following costs can be added as an extra to the IBITT tunnel
cost:

1. Add cost of 7 M m’ of soft material dredging is estimated as Lump Sum: 0.2B
USD

2. Add cost of filling fine gravel to the sides of the tunnel, with a 1.5B m’
volume is estimated: 0.1B USD

3. Add cost of forming the first protective layer of the tunnel
(40mx1mx7600m=0.3M.m" of sand-cement mixture) underwater: 0.05B. USD

4. Add cost of forming the second protective layer of the tunnel
(40mx 1mx7600m=0.3M.m" of armor rock) underwater: 0.05B USD

5. Add cost of expropriation of land as ROW (L=1km long and w=0.25 km wide
on both sides, with a total area=0.5km?): 0.01B. USD

6. Add cost of two ventilation buildings on either side or three ventilation shafts
in the sea (hg,=175 m.): 0.19B USD

7. Add cost of ground improvement (compaction grouting) up to 30 m depth
below seabed (w:50mxh:30mxL:7600m=11.4 M m’ ): 0.4B USD

If IBITT is not lowered by 10m from the existing seabed level (See Chapter 7),
the total cost is estimated as 3 billion USD. However, if it is lowered by 10 m from the

existing seabed level; this cost is increased to 3.3 billion USD.



The broad feasibility of the IBITT:
The total length of the tunnel: 7.58 km
The distance between Cigli and Inciralt1 by using surrounding highway: 50 km

The oil saving due to this difference:

(50.00—7.58)- (30000) - (61t/100km) - (2.5USD)- (365)=69.7MUSD  (1.1)

The gain from the toll rate:
(30000vehicle)- (5USD/ vehicle)- (365 day) = 55 M USD (1.2)
Annual total benefits:

(69.7+55) =1247M USD/ year (1.3)

If 4.7 M USD /year (% 3.33) of the early capital gains is assumed as the early
maintenance cost of the tunnel, then the yearly capital gains become 120 M USD/year.

Thus, after construction the tunnel finances itself in the next:

3BUSD 3.3BUSD
=25years or =27.5years (1.4)
120M USD / year 120M USD / year '

Since the project pays itself back in roughly 25/27.5 years, it becomes attractive
(feasible) for Built-Operate-Transfer (BOT) type financing and 30 year BOT period is
quite reasonable.

It should be noted in here that since there was not enough data to make a
detailed cost analysis the cost estimation presented here is based on the Marmaray
Project. However, both the soil properties of the izmir Bay and the structural properties
of the recommended tunnel are considerably different from the Marmaray Project.
Hence, a better cost estimation of the immersed tube tunnel can be provided after the
full feasibility report, which should include a detailed site investigation along the tunnel

route.



1.3. Scope of This Study

This study consists of five main parts:

1. Introduction

2. Properties of the proposed Izmir Bay Immersed Tube Tunnel

3. Current seabed properties

4. Static analysis for the preliminary design

5. Seismic analysis of the immersed tune tunnel

6. Ground improvement along the tunnel alignment

7. Conclusion

In the first part, immersed tube tunnels and their applicability to various types of
soils is described. Then, considering the soil type existing at the Izmir Bay, the
applicability of the immersed tube tunnel at that location was investigated using the soil
data obtained from the DLH.

In the second part, the possible route and geometric/technical properties of the
tunnel was determined.

In the third part, the ultimate and allowable bearing capacity of the soil was
calculated. Then, it was investigated that whether the current seabed soil has
liquefaction potential or not.

In the fourth part, in order to evaluate the displacement and stresses occurring
during and after construction, the static analysis was made by using Calculix finite
element program.

In the fifth part, the seismic requirement for the tunnel was investigated by an
equivalent static analysis method that is based on a seismic design procedure adopted in
Taiwan High Speed Railway Project, whereby the analyses were performed by using the
SAP 200 structural program.

In the sixth part, the aim of the ground improvement was explained and the most
appropriate improvement type for Izmir Bay is determined. Then, all analyses were
made again according to new situation of the seabed soil.

In the seventh part, which is the conclusion of the study, the obtained results of

the study have been summarized and some suggestions were made about the izmir Bay.



1.4. Possible Crossing Alternatives

There are two alternatives to cross the Izmir Bay: by means of a bridge or a
tunnel. Nevertheless, the feasibility either depends on many factors such as water depth,
distance, depth to rock below seabed, and subsoil profile of the seabed. Therefore,
before determining the crossing type, the feasibility of various bridges and underwater

tunnel types should be examined.

1.4.1. Bridges

Bridges are water-crossing structures used by people. It is built over rivers,
lakes, ravines, canyons, railroads, and highways. There are seven main types of bridges:
Beam bridges, cantilever bridges, truss bridges, arch bridges, cable bridges, suspension
bridges, floating bridges.

A beam or "girder" bridge is the most common bridge type used in highway
construction. It is simplest kind of all bridge designs. It is usually recommended for
crossing short distances (less than 80 m.)

A cantilever bridge, which is a complex version of the beam-truss type bridges,
is constructed by using cantilevers. Generally, it is made up with three spans and is
supported only at one end. Because of the fact that it carries heavy vertical loads, the
soil where the cantilever bridge foundation is placed should have high bearing capacity.
Moreover, the cantilever bridge is suitable if the distance between the two coasts is less
than 1000 m.

An arch bridge is the oldest type of bridge construction and it is the most
durable type of bridges. It is constructed from stone, cast iron, steel, and reinforced
concrete. Firstly, the total load of the structure is transferred to the abutment shaped
arches and then to the soil. Because of their heavy weight, the soil under an arch bridge
should be stiff. Beside an arch bridge should be considered only for short spans.

A truss bridge is one of the oldest types of modern bridges. Despite its
lightweight, it can carry heavy loads. Furthermore, it has a simple design and it is
economical to build due to efficient use of steel material. Nevertheless, this bridge type

is considered only for crossing up to 1000 m distances.



A suspension bridge is a type of bridge, which consists of two main cables
supporting the weight of the bridge and transfer the total load to anchorages and two
towers. It is recommended for large distances more than 1000 m. Due to the relatively
low deck stiffness, it is difficult to carry heavy live loads such as traffic loads. Thus, it
is not recommended for weak foundation soil such as loose silt and sand (Murowchick
2008).

A cable-stayed bridge is a variation of the suspension bridge and is designed
for intermediate lengths between 1000 m. and 2000 m. However, its principle and
construction method is quite different from a suspension bridge. For instance, the cable-
stayed bridges have tall towers like suspension bridges, but the roadway is attached to
the towers by a series of diagonal cables. Such bridges are much lighter and stiffer
compared to suspension bridges. This leads to a less deformation of the deck under the
live loads. In addition, they are economic and construction time is shorter than the
suspension bridges because cable stayed bridges do not need anchorages (Huang, et al.
2005).

A floating bridges is connected on top of pontoons that float on water. Due to
the advantage of natural buoyancy of water, the total load anchoraged to the soil can be
reduced. Therefore, it is more practical solution than other bridges types when the
waterbed is extremely soft. However, floating bridges is appropriate for large water

depths (30 m-60 m) (Watanabe and Utsunomiya 2003).

1.4.2. Underwater Tunnels:

Underwater tunnels are preferred when the soil profile of the waterbed or the
weather condition is not proper for a bridge to be constructed above water. There are
three alternative underwater tunnel types for crossing the water: Bored tunnels, floating
tube tunnels, immersed tube tunnels.

Bored tunnel shall be constructed when the ground or waterbed is appropriate
for excavating and preferred for deep tunnels. There are two alternative methods to
build a bored tunnel: Drilling-blasting method or by using a tunnel-boring machine.
Although a TBM machine with a circular cross-section excavates the soil without
disturbing it and produces a smooth tunnel wall, bored tunnel is only suitable for self-

retaining soils (TCRP Report/NCHRP Report 2006).



A submerged floating tunnel also known as an archimed bridge is a very new
concept in the world. Only, Norwegian and Chinese have submerged floating tunnel
projects in the design phase. Unlike the traditional underwater tunnels, submerged
floating tunnel (SFT) is not buried to the seabed; it is suspended above the water floor
and anchoraged to the ground with pontoons. It requires less substructure and
excavation compared to the other two alternatives. Nonetheless, SFT is only appropriate
for fjords, deep seas, and deep lakes (Hakkaart, et al.1993).

An immersed tube tunnel is made up of many prefabricated tubes constructed
on land, which are then floated and moved to its dredged location by romorks in the sea.
The tubes are lowered and connected with each other underwater. Then, the water is
pumped out and the segments are covered with the backfill materials. It is preferred if
the water depth is not larger than 60 m. and the waterbed is suitable for dredging, such
as soft sandy, silty or alluvial soils(Baltzer and Hehengeber 2003).

1.5. Soil Profile of the izmir Bay Bottom

Izmir Bay seabed consists of mixture of very loose silt, sand and alluvial
materials, which are either non-cohesive or have very low cohesion values. Moreover,
the rock layer depth is found approximately at 50 m below the sea level in the
Uckuyular side and 250 m-280 m below the sea level in the Cigli side. Therefore, its
ultimate bearing capacity is very low. Moreover, since the water depth of the Izmir Bay
is less than 25 m, this is an advantage for an immersed tube tunnel to be built.
Considering these properties, it has been decided that the immersed tube tunnel type of

construction is the most suitable one for crossing the Izmir Bay.
1.6. Application History of the Immersed Tube Tunnel

The important immersed tube tunnels were listed below (Grantz, et al. 1993):

The immersed tube tunnel was heard firstly in the world in 1910 with the
construction of the Detroit River Tunnel between USA and Canada. This immersed tube
tunnel has been constructed 24 m below the water level and consists of eleven pieces of
tubes. Each tube length is 80 m, height is 9.4 m, and width is 17 m, yielding to a total
length of 800 m.



On the other hand, the first immersed tube tunnel in Europe is the Mass Transit
Tunnel in Netherland constructed in 1941. The total length of this highway tunnel is 584
m. The tunnel consists of nine concrete box tubes, which are 61.35 long, 8.39 m in
height and have a width of 24.77 m.

In 1958, prestressed concrete boxes were used for the first time in the
construction of an immersed tube tunnel in Cuba. The total length of the tunnel is 520
m. The lengths of the tubes varies between 90 m and 107.5 m, the width is 21.85, and
the height is 7.10 m. This highway tunnel was built 23 m under the sea level.

The Dees Tunnel in Canada was the first project considering the earthquake
loads and was constructed 22 m below the sea level, with a total length of 629 m. It
includes concrete tubes, with lengths of 104.9 m, height of 7.16 m and width of 23.80
m.

The Scheldt E3 (JFK) Tunnel, built in 1969 in Belgium, has the biggest tubes,
which had ever been constructed in the world among all of the immersed tube tunnels.
The width of the prestressed concrete boxes was 47.85 m, height was 10.1 m, while the
length varies between 99 m and 115 m and the weight of each tube was nearly 47000
tons.

The Bay Area Rapid Transit (BART) Tunnel is the longest existing immersed
tube tunnel in the world. The tunnel is in use in San Francisco California and
constructed in 1970. The total tunnel length is 5825 m. and it has been operating as a
railway. The tunnel consists of 58 tubes and each has a length of 110 m, a height of 6.5
m and width of 14.6 m. At a maximum depth of 41 m below the sea level, the Bay Area
Rapid Transit Tunnel is one of the deepest vehicular tubes in service today.

The Oresund Tunnel constructed between Denmark and Sweden is the world’s
largest immersed tunnel in terms of volume. The total length of immersed tube tunnel
section is 3510 m and the widht of the tubes are 40 m.

The first example of the immersed tube tunnels constructed in Turkey is the
Marmaray Project that is being built on the Istanbul Bosporus Waterway. It will be the
deepest immersed tube tunnel in the world when the construction is completed
(Marmaray 2007).

There were 108 immersed tube tunnels in the world until 1997. 48 of them in
Europe, 27 of them in North America, 20 of them in Japan, 9 of them in South
Asia(except Japan) and 4 of them in other countries (Marmaray 2007).



CHAPTER 2

PROPERTIES OF THE PROPOSED iZMIiR BAY
IMMERSED TUBE TUNNEL

2.1. Possible Route of the Immersed Tube Tunnel

The determination of a possible route of the tunnel and the access roads, through
residential and undeveloped areas was examined by using Google Earth. (Google Earth
2008). A visual examination of the area leads to a decision of the Inciralti-Cigli tunnel
route (See Figure 2.1). This selection is made based on two reasons. First, the Inciralt:
and Cigli sides are unpopulated and owned by the government. Second, the two sides
allow the tunnel to be built on a straight route. This is essential to limit earthquake
damage and water leakage risks. Furthermore, the Greater Municipality of the Izmir
City (IZBB) and State Railways, Ports, Airports Authority (DLH) were consulted about
whether there are any drawbacks with regard to the route of the tunnel. Consequently,
after their approval, the current alignment between Inciralt1 and Cigli sides has been
assigned as the route of the Izmir Bay Immersed Tube Tunnel. The possible route of the
tunnel and corresponding water depths on this alignment were illustrated in Figures 2.1,

and 2.2, respectively.
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Figure 2.1. The possible route of tunnel

(Source: Google Earth 2008)

Figure 2.2. The water depths on the possible route of tunnel
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2.2. Geometric Properties of the Tube

The Izmir Bay Immersed Tube Tunnel (IBITT) is composed of two land tunnel
parts on each shore and an immersed-tube tunnel part at the center. The total length is
7580m, including an immersed tunnel section of 5560m in the middle. The tunnel has
about 76 tunnel units. Each unit includes a two lane railway in the middle
(width=10.6m) and three lane highways (width=13m) one on each side. The shape of
each tunnel element has 39.8 m width, 10m height and the length varies 100m~120m,
and its weight is approximately 38195t. The technical properties and typical cross
section of the immersed tube tunnel unit were illustrated in Figure 2.3 and 2.4,
respectively.

From the Inciralti shore to the Cigli shore, the tunnel starts with a 2.5%
declination (station: km 0+000 m) for 1120 m. This is station: km 1+120 m, at which
the inclination becomes zero for 2240 m (station: km 3+360 m). Afterwards, the road
climbs with a 1% slope towards the Cigli exit (station: km 7+580m). The deepest point
of the top of the tunnel is 18.5 m. below the sea level and this depth is constant between
station: km 1+120 m and station: km 3+660m. The longitudinal section of the immersed
tube tunnel was illustrated in Figure 2.5

It should be noted in here that during the full feasibility report, detailed site
investigation should be done. This study should include studies like bathymetric
(seawater depth) and seismic fault line studies, current seawater quality of the dredged
sediment disposal areas, shipping lane surveys etc. A contractor or its appointed
subcontractor with a sub consultant can do these surveys, but overall independent
consultant authorized by the client (DLH) should check all studies, reports,
recommendations, and the works during the construction stage. It is emphasized that the
current max. seawater depth record 18.5 m is not sufficent for any big cargo/contanier
ship or for very large crude oil carrier if the existing Izmir Port does not move to out of
the bay and will continue to be used in the future. In this case, there is a need of min 25
m seawater depth at the ship lane passage, indicating that IBITT should be further

lowered by 10 m, making the max seawater depth equal to 28.5 m.
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CHAPTER 3

CURRENT SEABED-SOIL PROPERTIES

3.1. Allowable Bearing Capacity

Using soil-boring data from the existing 3 boreholes nearest to the tunnel
alignment, it was seen that the subsoil is mostly non-cohesive very loose to loose silty-
sand or sandy-silt, with depths to bedrock varying between about 50 m on the
Uckuyular side and about 280 m on the Cigli side. However, these preliminary site
results should be confirmed by additional site investigations along the route, during the
feasibility study or the preliminary design stages. Now, before describing bearing
capacity values, firstly some definitions should be given;

e Bearing capacity is the capacity of soil to withstand the pressure from any
engineered structure placed upon it, without producing any shear failure and

large settlement.

e The ultimate bearing capacity (q,) is the maximum pressure value that can be

applied to the soil without causing shear failure.

e The allowable bearing capacity (q,) is the maximum permissible pressure that
can be applied to the soil so that shear failure does not occur and the maximum

tolerable settlement is not exceeded.

The allowable bearing capacity of a soil can be calculated in terms of two

different criteria:

a) The allowable bearing pressure based on ultimate capacity: This method
is based on the relationship between the shear strength and allowable bearing capacity
of the soil. According to this criterion, the allowable bearing capacity of the soil is equal
to the ultimate bearing capacity of soil divided by a factor of safety.

b) The allowable bearing pressure based on tolerable settlement: In this
method, it is assumed that the allowable bearing capacity of soil is equal to the

maximum pressure without leading to intolerable settlement. (less than 2.5 cm)

16



It is recommended that, the allowable bearing capacity of soil should be
calculated according to two different methods, respectively. In order to stay on the safe
side, the smaller one should be used.

a. The allowable bearing pressure based on ultimate capacity: According to
TENG (1962), the ultimate bearing capacity divided by a selected factor of safety, gives
the allowable bearing capacity.” A factor of safety of 3 is used under normal loading
conditions and a factor of safety of 2 under combined maximum load”” (TENG 1962).

For long footings:

Que =3-N?-B-R',,+5-(100+ N?)-D-R,, (psf) (3.1

Qe =0.048-N?.B-R',+0.08-(100 + N*)-D-R,,) (t/m?) (3.2)
qult

L = 3.3

% = ks (3.3)

where N is the standard penetration resistance, (number of blows per foot), B
is the width of footing in meters unit, D is the depth of footing measured from ground
surface to bottom of footing in meters, and R,and R', are the correction factors for
position of water level that can be obtained from Fig 3.1, and FS is the factor of safety.

b. The allowable bearing pressure based on tolerable settlement: Allowable

bearing capacity for maximum settlement of 2.5 cm is given by TENG (1962) as;

2
qa=720-<Ncor—3>-(%j Ry (psf) (3.3)
B+0.3048)°
qa:3-5'(Ncor_3)'(+T} ‘Ry) (t/mz) 3.4)

where N, is the corrected SPT N value,

17



35
N cor :N'£p+7] (34.2)

where, N is the SPT value obtained from the field, p’ is the effective overburden

pressure in t/m ® unit and can be calculated by the following formula.
p':}/'.h (34.b)

where, h is the half of the height between the sea level and the rock layer in meter, and
»' is the effective density of the soil in t/m’ and it can be calculated from the following

formula,
V=V = Vw (3.4.c)

where, y, 1s the density of the saturated soil and y,, is the density of the sea water.
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Figure 3.1. Correction factor for position of water level: (a) depth of water level

with respect to dimension of footing; (b)water level above base of

footing (c): water level below base of footing . (Source: Teng 1962)

SPT Results of the izmir Bay

SPT-N value: A standard sampler is driven 450 mm into the ground at the

bottom of drilled borehole by a drop hammer with a weight of 63.5 kg falling through a

height of 76 cm. The number of blows is recorded at each 150 mm increments. The SPT-

N is the number of blows required to achieve penetration from 15-45cm (Sivrikaya and
Togrol 2003).
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For this study, there was no opportunity to make standard penetration tests
(SPT) along the tunnel route. Therefore, test results that were obtained in the past is
investigated by. Among these, data nearest to the tunnel route were used and the SPT
results are presented in Table 3.1. These values are used to calculate the allowable
bearing capacity of the seabed soil of the proposed IBITT across the Izmir Bay can be

calculated. The borehole locations of the SPT are shown in Figure 3.2.

Figure 3.2. The locations of the 3 existing SPT boreholes nearest the IBITT route
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Table 3.1 The SPT results obtained from DLH Izmir

(Source: DLH 1985)

Borehole Location : SK-18
Depth(m) Sample Number The Number of Blow
0-15 | 15-30 30-45
4.10 SPT-1 1 1 1
5.50 SPT-2 10 12 15
7.10 SPT-3 15 17 17
8.60 SPT-4 12 17 19
10.10 SPT-5 15 15 17
11.60 SPT-6 15 16 16
13.10 SPT-7 23 11 12
14.60 SPT-8 18 17 17
16.10 SPT-9 15 15 18
17.60 SPT-10 15 15 18
Borehole Location : SK-8
Depth(m) The Number of sample The Number of Blow
0-15 | 15-30 30-45
3.00 SPT-1 1 1 1
4.50 SPT-2 1 1
6.00 SPT-3 2 2 2
7.50 SPT-4 2 2 3
9.00 SPT-5 2 3 4
10.50 SPT-6 2 2 3
12.00 SPT-7 3 3 4
Borehole Location : SK-17
Depth(m) The Number of sample The Number of Blow
0-15 | 15-30 30-45
9.85 SPT-1 - - -
11.35 SPT-2 - - -
12.85 SPT-3 1 1 1
14,35 SPT-4 1 1 1
15.85 SPT-5 1 1 1
15.85 SPT-6 1 1 1

1) At the borehole location SK-18, the penetration values are:

SPT-1 (at 4.10 m.)
SPT-2 (at 5.50 m.)
SPT-3 (at 7.10 m.)
SPT-4 (at 8.60 m.)
SPT-5 (at 10.10 m.)

N =N(15-30)+N30-45)=1+1=2
N =N(15-30)+N30-45)=12+15=27
N =N(15-30)+N(30-45)=17+17 = 34
N =N(15-30)+N(30-45)=17+19=36
N =N(15-30)+N(30-45)=15+17 =32
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SPT-6 (at 11.60 m.) N=N15-30)+NB0-45)=16+16 =32

SPT-7 (at 13.10 m.) N =N(15-30)+N30-45)=11+11=22
SPT-8 (at 14.60 m.) N =N(15-30)+N30-45)=17+17 =34
SPT-9 (at 14.60 m.) N =N(15-30)+N(30-45)=15+18 =33

SPT-10 (at 17.60 m.) N=N15-30)+N@B0-45)=15+18=33

i1) At the borehole location SK-8, the penetration values are:

SPT-1 (at 3.00 m.) N=N15-30)+N@B0-45=1+1=2
SPT-2 (at 4.50 m.) N=N15-30)+N3B0-45)=1+2=3
SPT-3 (at 6.00 m.) N=N15-30)+N3B0-45=2+2=4
SPT-4 (at 7.50 m.) N=N15-30)+N@3B0-45)=2+3=5
SPT-5 (at 9.00 m.) N=N15-30)+N@B0-45)=3+4=7
SPT-6 (at 10.50 m.) N=N15-30)+N@B0-45)=2+3=5
SPT-7 (at 12.00 m.) N=N15-30)+N@B0-45)=3+4=7
1i1) At the borehole location SK-17, the penetration values are:
SPT-1 (at 9.85 m.) N=N15-30)+N@3B0-45=0+0=0
SPT-2 (at 11.35 m.) N=N15-30)+N@3B0-45)=0+0=0
SPT-3 (at 12.85 m.) N=N15-30)+N3B0-45)=1+1=2
SPT-4 (at 14.35 m.) N=N15-30)+N@B0-45=1+1=2
SPT-5 (at 15.85 m.) N=N15-30)+N@B0-45=1+1=2
SPT-6 (at 17.85 m.) N=N15-30)+N3B0-45)=1+1=2

Based upon the three testing stations (SK18, SK8, SK17), average values of the
N values can be taken so that,
i) SPT_N=29 for areas that are close to the Inciralt1 side,
i1) SPT _N=4 for areas that are close to the Cigli side
1i1) SPT_N=2 for the middle of the IBITT route.

3.1.2. Allowable Bearing Capacity of the Seabed Soil of the izmir Bay

The allowable bearing capacity will be calculated for SPT _N= 4 only. The other

locations are compared according to this result.
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a.) First method: The allowable bearing Pressure based on ultimate capacity

The ultimate bearing capacity based on shear failure of the soil is calculated by

Eq3.2:
Qe =0.048-N?.B-R',+0.08-(100 + N?)-D-R,, (t/m?)

B=39.8m D=285m
da/D =1 R,=05 Rw=0 from Figure (3.1)

Oy = 0.048 -4%-39.8.0+0.08-(100 +4%)-28.5-0.5 (t/m?)
Qi =132t/ m?

The allowable bearing capacity of the soil is calculated by Eq 3.2:

_ Qe
FS

da
where FS is taken as 3. (Bowles 1988)

U, :%:44t/m2

b) Second Method: The allowable bearing capacity based on 2.5 c¢m tolerable

settlement

First, p’ is calculated by Eq 3.4.b:

p'=y-h

7'=1.800-1.027 = 0.773t/m’
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Assuming the rock layer is present at a depth of 150 m below the sea level, h is

calculated as follows.

h=—"——=75m

p'=0.773-75 =58 t/m?

If the overburden pressure exceeds 28.12 t/m” (40 psi), it takes the value of
28.12 t/m? (40 psi) (Teng 1962). Thus; p' is taken as 28.12 t/m* (40 psi)
Second, corrected SPT N wvalue (N, ) is found by Eq 3.4.a:

NL N 50 ) _,.(_50
p+10 40+10

N

—4

cor

Last, the allowable bearing capacity of the soil is calculated by Eq 3.4:

2
B +0.3048
s =3.5-(Ngor =3)| ——=—| -Ry) (t/m?)
2B
B=39.8m R, =0.5
2
39.8+0.3048
=3.5-(4-3)-| =] .05
% ( )( 2-398 ]
q, = 0.44t/m?

A comparison of the above based on two different approaches shows that the

second approach yields a smaller value. This means that the soil fails because of
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intolerable settlement, before it fails due to shear failure. Thus, the result found from the
second approach is used as the allowable bearing capacity of the soil.

The allowable bearing capacity of soil is very small, and it seems clear that it is
smaller than the net total pressure applied at foundation level, hence ground
improvement is definitely recommended
The SPT-N value is assumed as 2 in the Cigli coastal area side. Therefore, in this side,
the allowable bearing capacity of the soil is less than 0.44 t/m®. It can be said that if the
SPT-N is less than 3 the soil does not have enough capacity to carry the net foundation
pressure applied on the seabed soil. Based on the existing SPT-N value results, it can be
concluded that the allowable bearing capacity of the Cigli seabed soil is less than the
net pressure applied to it. Thus ground improvement is needed. In the inciralt: side the
SPT-N value was assumed as to be 29, Hence, the soil has enough bearing capacity to
carry the pressure transferred to it. However, since the soil consists of sand and gravel
in this part, it is recommended to compact the soil by making grouting up to at least 30
m (0.75B) depth below the seabed. There are no SPT results for the middle alignment of
the tunnel (based on the DLH study); and therefore the allowable bearing capacity of the

soil could not be calculated

3.2. Liquefaction Potential of the Seabed Soil

If loose saturated and unconsolidated granular soil is subjected to cyclic loading
such as earthquake loading, its pore pressure will increase. As a result of this, the soil
particles lose its effective stress and the medium acts as a liquid. (Das 1983). This
behavior is called liquefaction and generally occurs in loose to moderately compacted
granular soils (such as silty sands or sands and gravels) under water, with poor drainage
conditions. Figure 3.3 explains the liquefaction process of the soil.

To decide whether the soil has been under the liquefaction risk or not, there are
several methods, such as laboratory investigations and observations on the field. Based
on the existing test results, the liquefaction risk of the Izmir Bay’s seabed is examined
by using two different analyses:

1. Liquefaction analysis by using depth and SPT data relationship

2. Liquefaction analysis by using the simplified procedure
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Water-saturated sediment Liquefaction

A

Water fills in the pore space between soil Water completely surrounds all soil
particles. Friction between particles holds particles and eliminates all particles to
water-saturated sediment together. contact. Sediment flows like a fluid.

Figure 3.3. Liquefaction process of the soil
(Source: Tulane University 2004)

3.2.1. Liquefaction Analysis by using Depth and SPT Data
Relationship

In this method, the liquefaction potential of the soil is examined by using a
relationship between the SPT-N values and their corresponding depth (Tezcan and
Ozdemir 2004). For instance, by using three SPT data, which were provided from three
different locations (nearest to the route) of the Izmir Bay, the liquefaction risk of the
tunnel soil can be revealed by means of the graph in Figure 3.4. SK18 is the name of the
borehole location near the Inciraltt side, SK17 is the name of the borehole location
between the Inciralti side and the Cigli side, and SK8 is the name of the borehole
location near the Cigli side. The locations of the boreholes are shown in Figure 3.2.

Two curves plotted in Figure 3.4 show the degree of liquefaction potential of the
soil. The processed data from Table 3.1 is inserted into this graph, revealing the degree
of liquefaction risk of the soil. It can be seen that the Cigli side is under high risk and
the Inciralt1 side is under low risk. According to this depth and SPT data relationship,

ground improvement appears to be necessary

26



STANDARD PENETRATION VALUE (N)

30 40 50

¢ SK-18:Uckuyular side

® SK-17:Cigli-Uckuyulas
side

B SK-8:Cigli side

DEPTH (m)

12.0
W
UEFACTION

15.0
K

18.0

Figure 3.4. Relationship between the possibility of liquefaction and N values
(Source: Tezcan and Ozdemir 2004)

3.2.2. Liquefaction Analysis by using Simplified Procedure

The simplified procedure is originally developed by Seed and Idriss in 1971
following the disastrous earthquake in Alaska, USA and in Nigata, Japan in 1964. This
procedure is based on the relationship between the cyclic resistance ratio (CRR) and
cyclic stress ratio (CSR). Dividing the CRR to CSR, the factor of safety FS is found.
At locations, where FS is less than unity, liquefaction is expected to occur (Tezcan
and Ozdemir 2004).

The factor of safety, FS |, expressed as the capacity over demand is:

_ Capacity CRR
Demand CSR

FS (3.5)

FS should be bigger than 1 to avoid liquefaction risk.
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3.2.2.1. Earthquake Induced Shear Stress Ratio (CSR)

A transient earthquake motion is converted to an equivalent series of uniform
cycles of shear stress. The number of equivalent cycles, a function of the duration of
motion is correlated with the magnitude of the earthquake (Lee and Seed, 1967). The
actual time history of shear stress at any point in a soil deposit during an earthquake will

have an irregular form. Therefore, the average equivalent stress, I, =65% of the
maximum shear stress, is used for M =7.5 earthquake magnitude expected in Izmir

Bay. To calculate the cyclic stress ratio (CSR) the following formula is developed in the
field, due to earthquake shaking (Tezcan and Ozdemir 2004).

a
CSR=Lter —y, . Zmm Two (3.6)
G'VO g O-'VO
Tav =Ty '(amTaxj'Uvo Ty (37)

where, 7,,: the average horizontal shear stress developed on the soil element,
o', : effective overburden pressure,
o,,: total vertical overburden pressure,
a,,,. : peak ground acceleration
g : acceleration of gravity

r, : depth reduction coefficient (see Sec. 3.2.2.2.)

I, : coefficient for effective average level of acceleration,

r,=0.1-(M, —1) (3.8.2)

r,=0.65 forM A =75 (3.8.b)
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3.2.2.2. Depth Reduction Factor

The depth reduction factor, r,, is introduced to take into account the fact that the
amplitudes of horizontal accelerations decrease, as the depth below the ground surface
increases (Similar to the acceleration response values in high-rise buildings). Seed and

Idris (1971) recommended using the following r, values, which account for the

flexibility of the soil profile, in regard to routine practice and non-critical projects

(Tezcan and Ozdemir 2004).

r, =1-0.00765-z for z<9.15 (3.9.2)
r, =1.174-0.0267-z for 9.15<2<23 (3.9.b)
r, =0.744-0.0082-z for23<z <30 (3.9.c)
r, =0.50 for z> 30 (3.9.d)

where z is the depth to the midpoint of the layer below the seabed surface in m.
3.2.2.3. Cyclic Resistance Ratio (CRR)

To determine the capacity of seabed soil to resist liquefaction, cyclic resistance
ratio-CRR is determined by use of field correlations from insitu tests or laboratory tests
on representative samples of the soil deposits. The three most routinely used methods to
evaluate the liquefaction resistance, CRR, are:

i: The standard penetration test (SPT),

ii: The cone penetration test (CPT),

iii: The seismic shear wave velocity (V) test (Tezcan and Ozdemir 2004).

For this work, the CRR value is calculated by using the SPT results.

Corrected factors for SPT Values are;

(Nl)eo:CN'CE'CB'CR'Cs'Nm (3.10)
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where,

N )60: Corrected SPT number

: Overburden correction factor

: Correction factor for the SPT hammer energy ratio
: Correction factor for the borehole diameter

1
N
E
B
» . Correction factor for the rod length
S

(
C
C
C
C
C, : Correction factor for the sampling method
N

. - Insitu measured Standard Penetration resistance value

The correction factors C,,Cg,Cg,Cg,C, are summarized in Table 3.2.

After calculating the corrected SPT number, the CRR can be found by using
charts developed by different researches.

Curves by Seed et al. (1983): Practical charts are proposed by Seed et. al.
(1983) regarding evaluation of the liquefaction potential for different magnitude

earthquakes, by representing the behavior of sands with Dso>0.25 mm, under level
ground conditions, and penetration resistance, N1 as shown in Figure 3.5 (Tezcan and

Ozdemir 2004).
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Table 3.2. The correction factor values for corrected SPT values

(Source: Tezcan and Ozdemir 2004)

Symbol

Correction factor value

Cx
(overburden pressure
correction factor)

' is in kg/cm®

c _ L

'
O-\/O

C, =077 log(gj
UVO

Cy =1-125-logo’,,

(Liao and Whitman,1986)

(Peek et al. 1974)

(Tokimatsu and Yoshimi,1983)

o Vo
1.7 .
NS (Seed and Idriss, 1983)
0.7+0',
_ Efficiencyratio
; 0.60
C where efficiency ratio(ER) is the
B for percentage of the theoratical
(Energy ratio SPT
correction factor) .
impact hammer energy actuallay
transmitted to hammer
Equipment ER Ce
Donnut hammer"” 0.30 to 0.60 0.5t0 1.0
Donnut hammer® 0.70 to 0.85 1.2to 1.4
Safety hammer 0.40 to 0.75 0.7t0 1.2
Automatic-trip Donut hammer  0.50 to 0.80 0.8to 1.3
Cs
(Borehole diam. D=65~115 mm Cs=1.0
correction factor) D=150 mm Cg=1.05
D=200 mm Cg=1.15
Cr
(Rod lenght correction | L<3 m Cr=0.75
factor) 3<L<4 Cr=0.80
4<L.<6 Cr=0.85
6<L<10 Cr=0.95
10<L<30 Cr=1.00
Cs
(Sampling method Standard sampler Cs=1.00

correction factor)

Sampler without lines

Cs=1.10 Loose soils
Cs=1.30 Dense soils
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The application of the simplified procedure for this study based on the Izmir
Bay’s soil properties is described below;

1) The cyclic stress ratio (CSR) is:

The total stress under 2.5B depth of the tunnel base:

V .

_ tube ¥ concerete

Oy = (hl XY water )+ (hz XY armor —stone )+ (h3 XY sand —concrete )+( A + (hS XV soil )
tubebase

3.11)

15278-2.5

Oy =17.5x1.027)+(0.5x2.6)+(0.5x2.1)+
o= )+(0.5%2.6)+(0.5x2.1) (39_8_100

]+(100><1.60)

Oy =189.92t/m? =19 kg/cm?

The effective stress under 2.5B depth of the tunnel base,
Ty =0y —((17.5+1+10+100)x1.027)=57.95t/m* =5.8kg/cm*>  (3.12)

The depth reduction factor:

z=h+h,+h,+h, +h, =17.5+0.5+0.5+10+100=128.5
z>30m rd =0.50 (from Eq3.9.d)

The cyclic stress ratio is calculated by Eq 3.6. as below;

A = 0.349 (from Table 3.3.)

r, =0.65 (from Eq 3.8.b)
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CSR = 0.65.| 2249 -[189'92)0.50
g 57.95

CSR = 0.362

Table 3.3 Ground Acceleration Coefficients and Peak Ground Acceleration

(Source:Taiwan High speed Rail Project Contract C240 2003)

Ground Acceleration Peak Ground Acceleration (amay)
Level of Earthquake ) )
Coefficient (Z;) m/s
Type I (severe) 0.34 3.34
Type II (moderate) 0.11 1.11

1) The cyclic resistance ratio (CRR) is:

Firstly, the correction factors are obtained from Table 3.2.
The overburden correction factor C is:
To calculate the overburden pressure correction factor value the formula

developed by Liao and Whitman was used. Thus,

Cy = ! = ! =0.415 (3.11)

Jo've V58

The energy ratio correction factor Ck is:

_ Efficiency Ratio

C
£ 0.60 (3.12)
Assume that the donut hammer was used for the SPT and ER=0.60.
for ER=0.60>C. =1.0 (3.13)
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The borehole diameter. correction factor Cg is:

Note that, N is too small when an oversize borehole is drilled (Bowles 1988).

Hence,

Cg =115 (3.14)

The rod length correction factor Cy is:

Note that, N is too high for L>10 m (Bowles 1988). Thus,

Cr =1.00 (3.15)
For loose soils sampling method correction factor C ¢ is:

C,=1.10 (3.16)

Assumption: At 17.5 m. depth (the part, where the inclination of the tunnel is
zero), the N value was taken as 4 (as an average value), based on the other SPT results
due the fact that there was no SPT results for this part of the tunnel.

Finally, the corrected SPT N value (N ),, is found from Eq 3.10:

(N1)60 :CN 'CE 'CB 'CR 'Cs 'Nm
(Nj)go =0.415-1.0-1.15-1.0-1.10-4

(N1)60 =2.1
From Figure 3.5. the CRR value is,
for (N1 )g =2.1 and M,, =7.5—CRR =0.02

At last, factor of safety can be calculated from Eq 3.5 as below;

CSR = 0.362
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CRR=0.02....

s _ CRR _0.02 —0.06
CSR  0.362
FS =0.06 <1.25

Thus, the soil has high liquefaction potential.

Three SPT testing borehole results along the IBITT route are evaluated for this
study. They are used to calculate the allowable bearing pressure and give an idea about
the side’s liquefaction potential. However, there are a number of drawbacks in using
these data. First, the numbers of boreholes are not enough. Second, the boreholes do not
reach to the depth of the IBITT, which is designed to be at a depth of 28.5 meters.

The calculated allowable bearing capacities may not be reliable. These
capacities are based on equations that are developed for line footings. In the current
study, on the other hand, the magnitude of the tunnel width is 10-30 times larger than a
regular footing. As is the case with the allowable bearing capacity analysis, the stress
ratio and penetration resistance analysis, also suggests that the site of interest has high
liquefaction potential. Based on the results of the two methods, ground improvement

appears to be necessary along the IBITT route.
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Figure 3.5. Stress ratio and penetration resistance

(Source Tezcan and Ozdemir 2004)
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CHAPTER 4

STATIC ANALYSIS FOR PRELIMINARY DESIGN

The aim of the static analysis was to calculate the displacements of the seabed
subsoil (beneath the immersed tube tunnel) under static loads and investigate whether
they are acceptable or not. The first part of this chapter consists of the calculation of the
modulus of subgrade reaction. This modulus is used to calculate the equivalent soil
stiffness property. Two methods are available to calculate this modulus of subgrade
reaction. One that is based on the o-erelation, and another that depends on the
allowable bearing capacity of the soil. Ones the soil stiffness property at hand, the soil
settlement is calculated with a worst case loading. For the static analysis, a finite
element program called Calculix was chosen and two analysis were carried out for two
cases:

1. The static analysis to find the displacements occurring in the subsoil as soon
as the tube is immersed onto the seabed.

2. The static analysis to find the displacements during operation of the tunnel:

4.1. Estimation of the Modulus of Subgrade Reaction

The modulus of subgrade reaction k; is a relationship between the applied soil

pressure and deflection experienced by the structure that is widely used in soil-structure

interaction problems. In a mechanical sense, k, could be based on plate-load test data,

which is given as follows (Bowles 1988).

(4.1)

where q is the soil pressure and, ¢ is the deflection of the soil. Here, the value of q is

calculated by dividing the applied force by the plate 5 must be measured.
However, it is difficult to make plate-load tests at foundation level, except for very

small plate. Therefore, k, should be calculated by using other relationships, containing
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either the stress-strain modulus, E ,or allowable soil pressure,q,, as described below.

After a brief explanation of the two methods, their application to the IBITT problem

follows.

4.1.1. Finding the Modulus of Subgrade Reaction from Stress
Strain modulus, E; (First method)

This approximation shows existence of a direct relationship between kg and Eg as

explained below (Bowles 1988):

A _ 1
* AH B-El-I -l

(4.2)

where Aqgis the stress increase in stratum from footing or pile load, AH is the settlement

of foundation, E. is the corrected modulus of elasticity ad can be calculated as below:

g = (=40 (4.3)

E, is the modulus of elasticity of soil in ksf unit,  is poison ratio of soil, B is the width
of the structure base in ft unit, | is factor based on the D/B ratio found by Figure 4.1,

and | is the settlement influence factor based on H/B and L/B

1-2u

=1+

1, (4.4)

I,,1,: Influence factors which depend on L'/B', thickness of the stratum H,

Poisson’s ratio x and the embedment depth D . They are found from Table 4.1.
L'=L/2 forcenter; L'=L for corner

B'=B/2 for center; B’ =B for corner
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Figure 4.1. Influence factor I for a footing at a depth D.
(Source: Bowles 1988)

4.1.2. Finding the Modulus of Subgrade Reaction from Allowable Soil

Pressure, (, (Second method)

In this approximation, the ks value is calculated with respect to the allowable soil
bearing capacity. It is noted that the computed allowable soil pressures and bending

moments ( in case of eccentric loads) are not very sensitive to what value is used for K.

This is because the structural member stiffness is usually 10 or more times greater than
the soil stiffness, (Bowles 1988). Therefore, the following equation is proposed to

approximatek. .

k, =40-(FS)-q, =40-q, (KN/m?) (4.5)
where (, is the allowable bearing pressure in kPa units and FS is the factor of safety.
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Table 4.1. Values of I; and I, to compute the Steinbrenner influence factor

(Source: Bowles 1988)

H/B' L/B=1,0 1,1 1,2 1,3 1,4 1,5 1,6 1,7 1,8 1,9 2,0
0,2 0,009 0,008 0,008 0,008 0,008 0,008 0,007 0,007 0,007 0,007 0,007
0.041 0,042 0,042 0,042 0,042 0,042 0,043 0,043 0,043 0,043 0,043

0,4 0,033 0,032 0,031 0,030 0,029 0,028 0,028 0,027 0,027 0,027 0,027
0,066 0,068 0,069 0,070 0,070 0,071 0,071 0,072 0,072 0,073 0,073

0,6 0,066 0,064 0,063 0,061 0,060 0,059 0,058 0,057 0,056 0,056 0,055
0,079 0,081 0,083 0,085 0,087 0,088 0,089 0,090 0,091 0,091 0,092

0,8 0,104 0,102 0,100 0,098 0,096 0,095 0,093 0,092 0,091 0,090 0,089
0,083 0,087 0,090 0,093 0,095 0,097 0,098 0,100 0,101 0,102 0,103

1,0 0,142 0,140 0,138 0,136 0,134 0,132 0,130 0,129 0,127 0,126 0,125
0,083 0,088 0,091 0,095 0,098 0,100 0,102 0,104 0,106 0,108 0,109

15 0,224 0,224 0,224 0,223 0,222 0,220 0,219 0,217 0,216 0,214 0,213
0,075 0,080 0,084 0,089 0,093 0,096 0,099 0,102 0,105 0,108 0,110

2,0 0,285 0,288 0,290 0,292 0,292 0,292 0,292 0,292 0,291 0,290 0,289
0,064 0,069 0,074 0,078 0,083 0,086 0,090 0,094 0,097 0,100 0,102

3,0 0,363 0,372 0,379 0,384 0,389 0,393 0,396 0,398 0,400 0,401 0,402
0,048 0,052 0,056 0,060 0,064 0,068 0,071 0,075 0,078 0,081 0,084

4,0 0,408 0,421 0,431 0,440 0,448 0,455 0,460 0,465 0,469 0,473 0,476
0,037 0,041 0,044 0,048 0,051 0,054 0,057 0,060 0,063 0,065 0,069

5,0 0,437 0,452 0,465 0,477 0,487 0,496 0,503 0,510 0,516 0,522 0,526
0,031 0,034 0,036 0,039 0,042 0,045 0,048 0,050 0,053 0,055 0,058

6,0 0,457 0,474 0,489 0,502 0,514 0,524 0,534 0,542 0,550 0,557 0,563
0,026 0,028 0,031 0,033 0,036 0,038 0,040 0,043 0,045 0,047 0,050

7,0 0471 0,490 0,506 0,520 0,533 0,545 0,556 0,566 0,575 0,583 0,590
0,022 0,024 0,027 0,029 0,031 0,033 0,035 0,037 0,039 0,041 0,043

8,0 0,482 0,502 0,519 0,534 0,549 0,561 0,573 0,584 0,594 0,602 0,611
0,020 0,022 0,023 0,025 0,027 0,029 0,031 0,033 0,035 0,036 0,038

9,0 0,491 0,511 0,529 0,545 0,560 0,574 0,587 0,598 0,609 0,618 0,627
0,017 0,019 0,021 0,023 0,024 0,026 0,028 0,029 0,031 0,033 0,034

10,0 0,498 0,519 0,537 0,554 0,570] 0..584 0,597 0,610 0.621 0,631 0,641
0,016 0,017 0,019 0,020 0,022 0,023 0,025 0,027 0,028 0,030 0,031

20,0 0,529 0,553 0,575 0,595 0,614 0,631 0,647 0,662 0,677 0,690 0,702
0,008 0,009 0,010 0,010 0,011 0,012 0,013 0,013 0,014 0,015 0,016

500,0 0,560 0,587 0,612 0,635 0,656 0,677 0,696 0,714 0,731 0,748 0,763
0,000 0,000 0,000 0,000 0,000 0,000 0,001 0,001 0,001 0,001 0,001

H/B' L/B=25 4,0 5,0 6,0 7,0 8,0 9,0 10,0 25,0 50,0 100,0
0,2 . =0.007 0,006 0,006 0,006 0,006 0,006 0,006 0,006 0,006 0,006 0,006
. = 0.043 0,044 0,044 0,044 0,044 0,044 0,044 0,044 0,044 0,044 0,044

0.4 0,026 0,024 0,024 0,024 0,024 0,024 0,024 0,024 0,024 0,024 0,024
0,074 0,075 0,075 0,075 0,076 0,076 0,076 0,076 0,076 0,076 0,076

0,6 0,053 0,051 0,050 0,050 0,050 0,049 0,049 0,049 0,049 0,049 0,049
0,094 0,097 0,097 0,098 0,098 0,098 0,098 0,098 0,098 0,098 0,098

0,8 0,086 0,082 0,081 0,080 0,080 0,080 0,079 0,079 0,079 0,079 0,079
0,107 0,111 0,112 0,113 0,113 0,113 0,113 0,114 0,114 0,114 0,114

1,0 0,121 0,115 0,113 0,112 0,112 0,112 0,111 0,111 0,110 0,110 0,110
0,114 0,120 0,122 0,123 0,123 0,124 0,124 0,124 0,125 0,125 0,125

15 0,207 0,197 0,194 0,192 0,191 0,190 0,190 0,169 0,188 0,188 0,188
0,118 0,130 0,134 0,136 0,137 0,138 0,138 0,139 0,140 0,140 0,140

2,0 0,284 0,271 0,267 0,264 0,262 0,261 0,260 0,259 0,257 0,256 0,256
0,114 0,131 0,136 0,139 0,141 0,143 0,144 0,145 0,147 0,147 0,148

3,0 0,402 0,392 0,386 0,382 0,378 0,376 0,374 0,373 0,368 0,367 0,367
0,097 0,122 0,131 0,137 0,141 0,144 0,145 0,147 0,152 0,153 0,154

4,0 0,484 0,464 0,479 0,474 0,470 0,466 0,464 0,462 0,453 0,451 0,451
0,082 0,110 0,121 0,129 0,135 0,139 0,142 0,145 0,154 0,155 0,156

5,0 0,543 0,554 0,552 0,548 0,543 0,540 0,536 0,534 0,522 0,519 0,519
0,070 0,098 0,111 0,120 0,128 0,133 0,137 0,140 0,154 0,156 0,157

6,0 0,585 0,609 0,610 0,608 0,604 0,601 0,598 0,595 0,579 0,576 0,575
0,060 0,087 0,101 0,111 0,120 0,126 0,131 0,135 0,153 0,157 0,157

7,0 0,618 0,653 0,658 0,658 0,656 0,653 0,650 0,647 0,628 0,624 0,623
0,053 0,078 0,092 0,103 0,112 0,119 0,125 0,129 0,152 0,157 0,158

8,0 0,643 0,688 0,697 0,700 0,700 0,698 0,695 0,692 0,672 0,666 0,665
0,047 0,071 0,084 0,095 0,104 0,112 0,118 0,124 0,151 0,156 0,158

9,0 0,663 0,716 0,730 0,736 0,737 0,736 0,735 0,732 0,710 0,704 0,702
0,042 0,064 0,077 0,088 0,097 0,105 0,112 0,118 0,149 0,156 0,158

10,0 0,679 0,740 0,758 0,766 0,770 0,770 0,770 0,768 0,745 0,738 0,735
0,038 0,059 0,071 0,082 0,091 0,099 0,106 0,112 0,147 0,156 0,158

20,0 0,756 0,856 0,896 0,925 0,945 0,959 0,969 0,977 0,982 0,965 0,957
0,020 0,031 0,039 0,046 0,053 0,059 0,065 0,071 0,124 0,148 0,156

500,0 0,832 0,977 1,046 1,102 1,150 1,191 1,227 1,259 1,532 1,721 1,879
0,001 0,001 0,002 0,002 0,002 0,003 0,003 0,003 0,008 0,016 0,031
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4.1.3. Application of the First and Second Methods in this Study

In this study, k, was calculated by two different approaches, and to stay on the

safe side the smaller one was taken as the Kq design value.

1._Estimation of k, by using the first (Es) method;

The modulus of elasticity for silty-sand soils changes between 5 and 20 MPa. In
this study, as the immersed tube is designed with respect to worst conditions, Es was

taken as 5 MPa. In addition, Poisson’s ratio for this type was assumed as 0.35 (Bowles
1988).

The design parameters;

B=39.8m L=100m D=10m

E,=5MPa ;=035

Corrected E; value is calculated by Eq 4.3:

(1-u%) (1-035%)
EI = =
; = 5-108

2
~1.755.107 ™
N

For the center, H was taken as 1.25B. Because the depth of stress influence

(stress bulb) due to added net foundation pressure, for very large structures is reduced
from 2.5B to 0.75B (Egeli, et al. 1983).

B
H=125-B=49.75m B'=E=19.9m

—_—=— . I —0113 ll A

The settlement influence factor calculated by using Eq 4.4:
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1-2-035

I, =0343+ 0.113

= %o -925 > 1, =0.85 from Figure 4.1

Then the modulus of subgrade reaction was founded by using Eq 4.2:

1

= BE
et lg g

1
(19.9)-(1.755-1077)-(0.395 - 4) - (0.85)

=213203N/m?

S

For corner,

H 125B
2P 125 51, =0.382
B B —h

—— =25 51, =0.067

w|r

I, =0.85

I, =0.382 +%-0.067 = 0.418

1

s = - = 402944 N /m’
(39.8)-(1.755-107") - (0.418) - (0.85)

k

For the average value of k,, four center contributions and one corner

contribution is used. In other words, the values must be weighted (Bowles 1988).
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~4-213203 +402944
5

Ks(av) =251151N/m?

2. Estimation of k, by using the second (q,) method:

The allowable bearing capacity of the soil was calculated in Section 3.1 and had
been found as 0.446 t/m® (4.374 kN/m?). The modulus of subgrade reaction value is
calculated by Eq 4.5:

k,=40-q, kN/m’

k, =40-4.374=174.96 kN /m’ =174960N /m’

In order to stay on the safe side, the smaller value of the two approaches is used
as the modulus of subgrade reaction of the supporting soil. The results are shown in

Table 4.2.

Table 4.2. The modulus of subgrade reaction (k;) values obtained from 2 different

approaches

First Method | Second Method | Used Value
The modulus of

subgrade reaction

(k) (N/m’) 251151.43 174500 174500

4.1.4. Calculation of the Spring Constants

A single tube of 100 m in length is divided into five pieces of 20 m, each. These
pieces are modeled by a mesh of 18 m hexahedral (20 noded) elements. The bottom face
of such a meshed segment that rests can soil is shown in Figure 4.4. The soil is modeled

as linear spring elements, which are connected to the nodes indicated in Figure 4.4. An
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isoperimetric view of the meshed tube segment, together with the spring element is
shown in Figure 4.2. The spring constants at each node are obtained by the
multiplication of the modulus of subgrade reaction with the area of the face of the

corresponding element and are weighted by a factor, as is shown in Figure 4.3. Thus,
K = Ak -a (4.6)

where; K, is the spring constant connected to the i™ node of the element j, A j is the face

area(that is in contact with soil) of the jth element, and «; is the weighting factor of the

i" node. (See Figure 4.3)

'/‘
/
y

§ !/‘
i/

'\ : 53

B

Figure 4.2. The modeling of the tube unit and the elastic foundation in Calculix
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Figure 4.3. The weights for vertical spring constants corresponding to each node of a

hexahedral element face (Source: Calculix 1.7 2007)

The above figure illustrates the distribution of the K; value over the element
surface (tunnel unit’s soil base). If an edge or a corner node is shared by more than one

element, the spring stiffness of that node is simply superimposed.

0.8 13.8 0.8 10.6 0.8 13.8 0.8
A2 Ad A6
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@Y - A3 T
v v v v
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ES2,ES4,ES7 ESl4
si1,es64 Es3Ess 4
Es6.ES114
v
ES3,ES6
v \ 4 A 4 A\ 4 A 4 v v
ES1,ES3,ES5 ES8 ES5,ES3,ESI0  ESI3  ESIOES3,ESS  ES8 ES5,ES3,ESI

Figure 4.4. The modeling of the elastic foundation of the tube unit.

The areas of the base surface of the tube from Figure 4.3.

Al= A3 =A5=A7=0.8x20=16m" 4.7)
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A2 = A6 =13x20 =260m> (4.8)

A4 =10.6x20=212m> (4.9)

Considering the meshing model, 13 different vertical spring constants were

calculated by using Eq 4.6.

ES1=(~1/12)-(175000)- (16) = -233333 N /m (4.6.2)
ES2=(~1/12)-(175000) - (16) = -233333 N /m (4.6.b)
ES3=(1/3)-(175000)-(16) = 933333 N /m (4.6.c)
ES4 =(1/3)-(175000) - (16) = 933333 N /m (4.6.d)
ES5 = (~1/12)-(175000) - (260) + ES1 = -4025000 N /m (4.6.¢)
ES6 =(1/3)-(175000) - (260) + ES3 = 16100000 N /m (4.6.1)
ES7 = (~1/12)-(175000) - (260) + ES1 = -4025000 N /m (4.6.9)
ES8 =(1/3)-(175000)-(260) = 15166667 N /m (4.6.h)
ES9 = (1/3)-(175000) - (260) = 15166667 N /m (4.6.1)
ES10 = (~1/12)-(175000) - (212) + ES1=—-3325000 N /m (4.6.))
ES11=(1/3)-(175000)-(212)+ ES3 =13300000 N /m (4.6.k)
ES12 = (~1/12)-(175000) - (212) + ES1=—3325000 N /m (4.6.1)
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ES13 =(1/3)-(175000) - (212) = 12366667 N /m (4.6.m)

ES13 =(1/3)-(175000) - (212) = 12366667 N /m (4.6.n)

4.2. Static Analysis of the Tunnel for Worst Case Scenario

Tunnel units are built at the shore and below the sea level. The construction
procedure of each tube unit undergoes four basic steps:

1) Construction at land,

i1) Coverage of its open ends, so that it floats on water, and can be pulled to its

position

1i1) It is slowly lowered down to the seabed by allowing water to drain into the
tube. Positioning is accomplished by using steel cables, GPS and divers.

iv) Finally, the sides are filled with sand and gravel in a slurry form with the
help of pumps.

The aim here is to investigate the amount of subsoil settlement when the water-
filled tube with water is placed upon it. If the settlement value of the subsoil is bigger
than the tolerable settlement value (2.5 cm), the subsoil needs to be improved.

The static analysis was made only for the tube placed to the dredged trench
location with the greatest depth of seawater (17.5 m). Hence, there was no need for
another analysis, because it was assumed that the elastic properties of the tunnel seabed
soil are the same along the tunnel route; since a limited borehole data was available (the
worst borehole data in Cigli side was used in the analysis). Moreover, the effective
pressure on the subsoil is the same during immersion of each tube unit. Therefore, there
was no need to make displacement (i.e. settlement) analysis for each tube unit. The
Calculix model of the tube that was illustrated in Figure 4.2 consists of a mesh with
twenty noded brick elements (C3D20) (see Figure 4.5) and the elastic foundation was
assembled with two noded linear spring elements. Each tube unit model consists of 90
C3D20 elements and 130-spring elements. Boundary conditions were applied such that
only vertical motion was allowed. Only the base of the springs was fixed in all
directions. In addition, it was assumed that the side fills had no effect on the vertical
motion of the tube under its gravity loads. Pressures acting on to the subsoil (as soon as

the water-filled tube with water is placed upon it) are illustrated in Figure 4.6 and
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calculated as below. The displacement analysis should be carried out for the worst case
(maximum loading on the soil). Two scenarios can be considered: One during the
placement of the tube, another during service failure.

1. If no problem occurs during immersion process of the tubes, there will be no
excessive loads acting onto the seabed. However, in the design phase, a worst-case
scenario must be considered. Water leakage, and hence a tunnel unit that is completely
filled with water is an undesirable, but possible stage during construction. Therefore,
this analysis case consists of a tunnel unit being placed onto its seabed, its top covered
with an extra protective material layer, and the inside of the tunnel being filled with
water.

2. When the tunnel is in service, the additional loads come from the sidewalks
and the traffic, only. Here, the worst-case scenario is the tube filled with cars, trucks,
trains, and water due to a water leakage in the joints.

The failure scenario described in item number two will result in larger pressure
acting on the subsoil. Therefore, only one analysis will suffice to find the maximum

displacement.

g 15 7
16 i
13 14
5 6
20 19
) 11
7 18 3
10
1 9 2

Figure 4.5.Twenty-noded brick element (C3D20) in Calculix
(Source: Calculix 1.7 2007)
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Figure 4.6. The foundation pressure on the seabed soil before and after construction of

the IBITT

4.2.1 Total Pressure Transferred to the Seabed Soil

a) Checking the floatability during transportation of the empty tunnel unit to its

dredged location:
The total width of the tunnel is 39.8 m, and height is 10 m. The widths of the

highways are 13 m and height is 6.7 m, and the width of the railway is 10.6 m, and the
height is 6.7 m. The length of the tube is 100 m. The density of reinforced concrete is

2.5 t/m> and seawater is 1.027 t/m".

Subtracting the volumes of each hole from the total volume of the tube, the

concrete volume of the tube could be calculated.

Vet =(39.8x100x10) - (13% 6.7 x100) - (10.6 x 6.7 x100) — (13x 6.7 x 100) = 15278 m*
2.1)
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If the density of concrete is multiplied by the concrete volume of the tube, the
total weight of the tube will be found:
Wipe = (15278 x2.5) =38195 t (2.2)

The natural buoyancy of water applied from foundation level to sea level:

F buoyancy = (39-8x10x100) x1.027 = 40874 t (2.3)

Fbuoyancy >Wiybe — The tube floats, which is O.K.

b) Checking the sinkability of the tunnel unit during lowering to its dredged

location:

The unit weight of the armor stone per square m.:

=0.5x2.6=1.30t/m" (2.4)

armorstone

The unit weight of the sand-concrete per square m.:

P =0.5x2.1=1.05 t/m? 2.5)

sand - concrete

The pressure on the seabed soil due to the water layer on the tube:

Puater—positive = 17-5%1.027=17.97t/m* (2.6)

To sink the tunnel element, there is no need to completely fill it with water. A

water depth of 1 m inside the tube is sufficient.

Woater intube = (2% (13x1.0x100) +(10.6 x 1x100)) x1.027 = 3759t (2.7)

Thus, the weight of the 1m water filled tunnel unit is:
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Wsemifitied _tube = Wtube +Wyarer =38195+3759 = 41954 1 (2.8)

Weenifiilled _tube > Fouoyancy = The tunnel element sinks to its dredged location.

However, as it is mentioned in Section 4.2. to be prepared for the worst case
conditions, the maximum settlement calculation should be made considering the tunnel
is in service and due to a water leakage it is full filled with water. (Scenario 2, see page
49).

The weight of the fully filled tube is calculated as below:

Wiagerftied_twbe = 39800+ ((2x13x 6.7x100) + (10.6x 6.7 x100)) x 1.027 = 63379t

(2.9)
The unit weight of the full-filled tube is calculated as below:
63379 2
Paterfi =——=1592t/m
waterfilledtube = 3 0"a 70 (2.10)

The weight of the traffic loads is calculated as below. The train load is
calculated according to S (1950) Freight Train from “Alman Federal Demiryollari-Celik
Demiryol Kopriileri icin Hesap Esaslar1 (BE)”technical code. The Figure... shows the
distribution of the loads in S (1950) Freight Train.

P1=10 t/m
5x25t
¢ ¢ ¢ ¢ ¢ P2-8 Um
17V
5x1.6 m wi1=40 m w:<325m

Figure 4.7. S (1950) load train
(Source: Alman Federal Demiryollari-Celik Demiryol Kopriileri i¢in Hesap
Esaslar1 (BE) )
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Wloadingtrain = 2X(5X25+40X104+52X8) = 1882t (21 1)

There are 3 line in highway and it is assumed that max. 25 cars can be placed in

a line and the weight of the car with people is 1.9 tons can be assumed.

W, =2x(25x3x1.9)=285t (2.12)

The pressure occurring due to the traffic effect can be calculated as below:

_(1882+285)

i = =0.54t/m’
traffic (39.8x100) (2.13)

The total pressure transferred to the soil is calculated:

I:)total = I:)filledtube + I:)water— positive + F)protectivelayer + I:)traffic - F)Water—negative (2-14)

Pyt =15.92 +17.97 + (1.05 +1.30) + 0.54 — (28.5x 1.027) = 7.51 t /m?

The net effective soil stress at the dredged foundation level of the tunnel, which

is 11 m below of the seabed soil:

P

i =11x(1.6-1.027)=6.30t/m? (2.15)
Subtracting the permanent total pressure transferred to the soil from the net
effective soil stress at the dredged foundation level, the net effective stress increase can

be calculated as below:

! eftective = 7-31—6.30=1.21t/m? (2.16)

Due to the increase of the net effective pressure on the seabed soil, the vertical
displacement of the tunnel was calculated as 6.59 cm but this value is above the

permissible settlement value of 2.5 cm for each immersed tube unit. The permissible
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settlement value is a serviceability requirement for tunnels and immersed tube tunnels
containing railroads and highways, designed and constructed in the Far East (Egeli
1996). At first glance, it might appear reasonable to decrease the tunnel dimensions, in
order to decrease the stress on the subsoil. Nevertheless, no matter what dimensions are
used, settlement value is likely to be exceeded.

Also, remember that the mass is necessary to overcome the buoyancy (lift)
forces of the water. Thus, dimensions cannot be decreased. To overcome this drawback,
compaction grouting type ground improvement is suggested for the seabed soil.
Moreover, this is a good precaution against the seismic forces risk and overcoming its
induced further settlement. (See Chapter 5). The static analysis result in Calculix is

shown in Figure 4.8.
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Figure 4.8. Maximum vertical displacement of the tunnel
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CHAPTER 5

SEISMIC ANALYSIS OF THE IMMERSED TUBE
TUNNEL

It is principally recognized that underground structures is affected less from
earthquakes than buildings on the ground surface (Kouretzis, et al. 2006). Therefore, in
the past, most tunnel structures were designed and built without regard to seismic
effects (Taylor, et al. 2005). A seismic design procedure was applied to a tunnel project
for the first time in the 1960s by civil engineers for immersed tube tunnel; The Deas
Tunnel is the first project that is designed taking the earthquake effects into
consideration (Wang 1993, Grantz, et al.1993). For instance, the Bay Area Rapid
Transit (BART) tunnel in San Francisco, California and Osaka South Port (OSP)
immersed tube tunnel in Japan have been subjected to strong seismic shaking.
Nevertheless, since these tunnels had been designed considering the seismic effects,
both tunnels behaved exceptionally well, by sustaining no measurable damage
(Anastasopoulos, et al. 2007). On the other hand, the Alameda Tubes in the San
Francisco Bay Area, which were some of the earliest immersed tube tunnels built in
1927 and 1963, were designed without any seismic design considerations. Therefore,
during the Loma Prietta Earthquake (1989), some cracking was experienced in the
ventilation buildings and limited water leakage into the tunnels was observed. (Hashash,
etal. 2001).

The purpose of this chapter was to develop a pre-seismic design of the immersed
tube tunnel in order to give the structure the capacity to withstand the loads or
deformations/displacements applied to it during an earthquake. A seismic design should
cover all components of the tunnel including, portal buildings, ventilation buildings,
approach structures etc. However, in this study only the immersed tube units, the joints

of the tube units and the elastic foundation underneath were considered.
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5.1. Types of Deformations

The response of tunnels to seismic shaking motions was explained below (Wang
1993):

1. Axial and Lateral Deformations: Axial and lateral deformations develop in
a linear tunnel, when seismic waves propagate either parallel or oblique to the tunnel.
The tunnel lining considerations for these types of deformations are in the tunnel
longitudinal direction along the tunnel axis. The idealized representations of axial and
lateral deformations are illustrated in Figure 5.1. Vertical deformations are also present
during an earthquake. These are less detrimental, because the vertical stiffness of the
tube only one tenth of its lateral stiffness. Therefore, vertical deformations are not
considered in the analysis.

2. Ovaling (for circular tunnels) or racking (for rectangular tunnels): Since
the dimensions of a typical lining cross-section of the tunnel are small compared with
the earthquake wavelengths, the ground motions produce racking effect (Penzien 2000).
Ovaling or racking deformations may develop in tunnel structures, when waves
propagate in a direction perpendicular or nearly perpendicular to the tunnel axis,
resulting in a distortion of the cross-sectional shape of the tunnel lining (Wang 1993).

The racking deformation of the rectangular tunnel section is shown in Figure 5.2.

5.2. Seismic Analysis Procedures

The seismic design of underground structures differs from the design of surface
structures. Surface structures are not only directly subjected to the excitations of the
ground. They experience amplification of the shaking motions depending on their own
vibratory characteristics. Underground structures, on the other hand, are constrained by
the surrounding medium. Hence, they can not progress to a considerable amount of
deformation, independently from the medium nor can they be subjected to a vibration

amplification (Wang 1993).
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A. Axial deformation along the tunnel (top view of the tunnel)
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B. Curvature deformation along the tunnel (top view of the tunnel)

Figure 5.1. Axial and lateral deformations along a tunnel

(Source: Wang 1993)
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Figure 5.2. Racking deformation of a rectangular tunnel

(Source: Wang 1993)
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5.2.1. Free-Field Deformation Approaches

The term ‘free-field deformation’ describes ground strains caused by seismic
waves in the absence of structures or excavation. In this approach, the interaction
between the underground structure and the surrounding ground is ignored.

The free-field deformation method provides a simple and effective design, if the
ground is very stiff and has low shaking intensity or the structure is more flexible than
the surrounding medium. For soft soils (the structure is stiffer than the medium), this
approach provides a first-order estimate of the anticipated structural deformation
(Hashash, et al. 2001). The axial and lateral deformation of the tunnel lining by using a
free field deformation approach can be estimated by using a structural analysis program
or by a hand calculation. The strains of the tunnel due to the seismic wave propagation

according to the simplified procedure are explained below.

5.2.1.1. Closed Form Solution Method (Simplified Procedure)

For practical purposes, Newmark developed a simplified approach in 1968. This
method is one of the free-field deformation approaches. According to this method, the
structure and the ground in the free field experience the same strains (Wang 1993).
Figure 5.3 shows free-field ground deformation along a tunnel axis due to a sinusoidal
shear wave with a wavelength, L, a displacement amplitude, D, and an angle of
incidence, a. The axial and lateral deformations of the ground and the shear (racking)
deformation of the tunnel, due to the shear wave is calculated by using Eq 5.1 and 5.3,
respectively.

The axial (longitudinal) strain;

g=\é—s-sina‘cosa (5.1)

The lateral,;

(lj _A -cos’ a (5.2)
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The shear (racking) deformation;

\Y
y=—-cos’a (5.3)
CS
where ais the angle of incidence with respect to the tunnel axis, ris the radius of

lateral, V is the peak particle velocity for shear wave, C s 1s the effective propagation

velocity of the shear wave, and A is peak particle acceleration of the shear wave.

Direction of
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Displacement of Soil

Figure 5.3. The propagation of the S wave along the tunnel axis

(Source: Wang 1993)

This method has also been used successfully for seismic design of long, linear
tunnel structures in several major transportation projects including the San Francisco
BART stations and tunnels as well as those for the Los Angeles Metro (Wang 1993).
Nevertheless, for rectangular box structures in soft soils, this method gives very

conservative designs since free-field ground distortions in soft soils are generally large
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and also underground structures are typically designed with stiff configurations to resist
static loads (Hashash, et al. 2001).

As a conclusion, a free-field deformation approach is not recommended for
rectangular structures in soft soil. For this type of structures, however, a soil-structure

interaction approach is suggested.

5.2.2. Soil-Structure Interaction Approach

A tunnel-ground interaction analysis that considers both the tunnel stiffness and
the ground stiffness is necessary, in order to find the true tunnel response. The tunnel-
ground interaction system is simulated as a beam on an elastic foundation, with the
theory of wave propagating in an infinite, homogeneous, isotropic medium (Hashash, et

al. 1998). The calculation procedures are explained below:

5.2.2.1. Dynamic Earth Pressure

This method typically assumes earthquake loads to be caused by the inertial
force of the surrounding soil. Among the dynamic earth pressure methods, most widely
used one is the Monobe-Okabe method. However, for rectangular cross sections, under
plain strain conditions, this method leads to unrealistic results and is not suggested to be

used for typical tunnel cross sections (Hashash, et al. 2000).

5.2.2.2. Closed Form Solution Method to Calculate Axial and Bending

Stresses

This method is based on the beam-on-elastic foundation approach and it ignores
dynamic (inertial) interaction effects (Shamsabadi 2001). When the tunnel is subjected
to the axial and lateral deformations due to the traveling seismic waves in the ground,
the tunnel is experienced to have the sectional forces below:

e Axial forces, acting on the cross section because of the axial deformation

e Bending moments, M, and shear forces, V, acting on the cross section due to

the lateral deformation. (Wang 1993)
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Simplified Interaction Equations:

The axial forces caused by a shear wave with 45 degree angle of incidence can

be obtained from:

Qux = 27 D (5.4)

where, Lis the wavelength of an ideal sinusoidal shear wave, K,is the longitudinal

spring coefficient of medium in force per unit deformation per unit length of tunnel,

D, is the free-field displacement response amplitude of an ideal sinusoidal shear wave,

E. is the modulus of elasticity of tunnel lining, and A, is the cross-section area of tunnel
lining.

The maximum axial strain can be obtained from the equation below:

QmaX
Eaxial = E A (5:5)

2

Kt(;j

Mmax = z 4 Db
K L
I+ — | —

E.l. \27x

where, | .is the moment of inertia of the tunnel section, K,is the transverse spring

(5.6)

coefficient of medium in force per unit deformation per unit length of tunnel, D, is the

free-field displacement response amplitude of an ideal sinusoidal shear wave.

Once the maximum bending moment is found by Eq 5.6, the corresponding

stress at the tunnel sides are evaluated as follows:

M., . - (B/2)
O max =—%—— (5.7)

IC
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The maximum bending strain is calculated from the equation below:

M. - (B/2)

€bending = E | (5.8)

c c
The maximum shear force corresponding to the maximum bending moment is

derived as:

V. =M_ == (5.9)

Once the design parameters are found, they should be checked against the
allowable values. For concrete, the allowable shear strength is calculated by the formula

given below:
V., =022 fy - Aghear (5.10)
The maximum strain should be less than the allowable strain:

gmax = cc"axial + gbending < gallowable (51 1)

where &m0 18 the allowable tensile strain of the concrete. In the equations above,
K,and K are different from the conventional beam on elastic foundation problems,

since the spring coefficients should be representative of the dynamic modulus of the
ground under seismic loads. In addition, the derivations should consider the fact that
loading felt by the surrounding soil (medium) is alternately positive and negative due to
an assumed sinusoidal seismic wave. For a preliminary design, the expression suggested

by St. John and Zahrah (1987) should serve the purpose:

_167:Gy(1-vy) H

K=K
t : (3_‘/5) L

(5.12)
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where, G,is the shear modulus of the medium, v, is the poison’s ratio of the medium,

H is the height of a rectangular structure (or diameter of a circular tunnel), and L is the
wavelength.
The wavelength is not known, but it can be estimated by using the shear wave

velocity.

L=T-C, (5.13)

where, the predominant natural period, T, can be estimated from the soil deposit at a

tunnel site (Wang 1993):

(5.14)

where, His the soil deposit thickness over rigid bedrock and C,is the shear wave

velocity of the medium.

5.2.2.3. Numerical Analysis Method to Calculate Axial and Bending

Stresses

Another method to determine the displacements and stresses developing in the tunnel’s
longitudinal direction during a seismic activity is by using numerical methods. The
numerical analysis of underground structures can be made by using either lumped

mass/stiffness methods or by finite element/difference methods (Hashash, et al. 2001).

5.2.2.4. Closed Form Solution Method to Calculate Racking

Deformations

Rectangular tunnels are usually built in shallow soils and design of such tunnels

requires careful consideration of soil structure interaction analysis for two reasons:
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1. There is a larger deformation during an earthquake in shallow soils than in
deeper soils, because of the decreased stiffness of the surrounding soils, due to a lower
overburden pressure. Thus, the site amplification effect is high.

2. Rectangular tunnel linings are usually built stiffer than circular tunnel linings
in their transverse direction and hence, they are less tolerant to deformations (Husam, et
al. 2005).

Then, the racking deformation of a tunnel was calculated by using two different
approaches:

1. Simple Frame Analysis Model: In this approach, only the tube unit is
modeled without the surrounding soil under simple boundary conditions, as shown in
Figure 5.6. This approach should be used for a first-order estimate, although
conservative results can be obtained. The simplicity of the modeling makes the analysis
worthwhile and gives a relationship between the shear deformation flexibilities of the
tunnel and the soil.

The procedure to calculate the racking deformation in rectangular tunnels is
defined below (Wang 1993):

Firstly, the earthquake design parameters should be determined, including at
least the magnitude of the earthquake, peak ground accelerations, ama.x (Z), and Ci,
according to level earthquake parameters, which are Type I (severe) earthquake and
Type II (moderate) earthquake. Then, based on the soil properties and the design
earthquake parameters, the free-field shear strains/deformations of the ground are

determined.

7/5 :—S (5.15)

(5.16)

where, R,is the ratio of peak ground velocity to peak ground acceleration and
determined from Table 5.2., a, is the peak particle acceleration associated with S waves

and found from the formula below:

-a (5.17)
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in here, R, is the ratio of the ground motion at the tunnel base depth to the motion at the

ground surface and is determined from Table 5.1, and a_, (Zt) is the peak ground

acceleration, determined from Table 3.3.

Then, the free-field deformation is calculated by Eq 5.18:

A free_siets =75 - H (5.18)

where, H is the height of the structure

Table 5.1. Ratios of ground motion at the tunnel foundation (base) level to the motion at

the ground surface (Source: Power, et al. 1996).

Ratio of the ground motion at tunnel
Tunnel depth (m) foundation level to motion at the ground
surface
<6 1.0
6-15 0.9
15-30 0.8
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Table 5.2. Ratios of peak ground velocity to peak ground acceleration at the surface in

rock and soil (Source: Power, et al. 1996).

Ratio of peak ground velocity (cm/s) to peak
Moment ground acceleration (g)
Magnitude(My,) Source-to-site distance (km)
0-20 20-50 50-100
Rock®
6.5 66 76 86
7.5 96 97 109
8.5 127 140 152
Stiff Soil®
6.5 94 102 109
7.5 140 127 155
8.5 180 188 193
Soft Soil
6.5 140 132 142
7.5 208 165 201
8.5 269 244 251

Note: * in this table, the sediment types represent the following shear wave velocity
ranges: rock >750 m/s; stiff soil 200-750 m/s; and soft soil <200 m/s. The relationship

between peak ground velocity and peak ground acceleration is less certain in soft soils.

The relative stiffness (flexibility ratio) is derived from the expressions below:
The angular distortion of a soil when subjected to shear strain is calculated by

Eq 5.19:

T _ A free—field

_ b _ T freefield 5.19
Vs . ¥ (5.19)
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After rearranging this equation, the shear or flexural stiffness of the tunnel
element can be written as the ratio of the shear stress to a corresponding angular

distortion:

T T

= =G,
7s (A/H)

(5.20)

A distributed force, P, is applied along the tube length to the top of the structure,
acting in the transverse direction (Figure 5.4). The resulting lateral displacement, A, is
calculated by a structural analysis program. Once the displacement, A, corresponding to
the applied force, P, is obtained, a linear relationship between the two can be written as

follows:
P=S,-A (5.21)

where, S, is the force per length that is required to cause a unit racking deflection of the

structure.
The applied shear stress can also be converted into a concentrated force, P, by
multiplying it by the width of the structure (B) and its unit length, resulting in the

following expression for angular distortion:

P 7Bl

A
T (5.22)

Combining Eq 5.19 and Eq 5.22, the flexibility ratio of the structure can be

calculated as follows:

ysstructure = 7/Ssoil

Tstr. B-1 _ Tl

H-S, G,
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F = T sil :GS'B'I

Tstructure H - Sl

(5.23)

where Ggis the shear modulus of soil, H is the height of the structure, and Bis the

width of the structure.

The shear modulus can be calculated as follows:
G, =p-CS’ (5.24)

where p is the density of the saturated soil

In this expression, the unit racking stiffness is the reciprocal of the lateral racking
deflection, S, =1/A, caused by a unit concentrated force. It can be obtained from

simple static analysis of the box structure, without including the surrounding soil but

under simple boundary condition, as shown in Figure 5.4 (Ostadan and Penzien 2001).

A
B

Figure5.4. The racking deflection of the tunnel when applying unit displacement
sideway (Source:Wang 1993)
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The flexibility ratio gives an idea about the response of the structure and the
surrounding medium (Wang 1993):

F—0.0: The structure is rigid, so it will not rack regardless of the distortion of
the ground (i.e. the structure must take the entire load)

F<1.0: The structure is considered stiff relative to the medium and will therefore
deform less

F=1.0: The structure and medium have equal stiffness, so the structure will
undergo approximately free-field distortions.

F>1.0: The racking distortion of the structure is amplified relative to the free
field, though not because of dynamic amplification. Instead, the distortion is amplified
because the medium now has a cavity, providing lower shear stiffness than non-
perforated ground in the free field.

F — oo : The structure has no stiffness; soil will undergo deformations identical
to the perforated ground.

Based on the flexibility ratio, the racking coefficient R defined as the normalized
structure racking distortion with respect to the free-field ground distortion can be

estimated from Figure 5.5.

5
Re_ /s \HJ _ A (5.25)
7/free— field A free— field A free— field
H

where, . is the angular distortion of the structure, A,is the lateral racking deformation
of the structure, yq.. 1S the shear distortion/strain of the free-field, and A, g4 1S

the lateral shear deformation of the free-field.
After determining the racking coefficient, the lateral racking deformation of the

structure is calculated by multiplying it by the free-field deformation as below:

As =R-A free— field (5.26)

Then, the stresses in the tunnel section are determined by performing a structural

analysis with an applied racking deformation is shown in Figure 5.6.
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Note: Triangular symbols: For rectangular tunnels

Solid Lines: For circular tunnels

Figure 5.5. Normalized structure deflections, circular versus rectangular tunnels

(Source: Wang 1993)

A structure=R./\ free-field

Pseudo-Triangular
Deformation /Pressure Distribution

Figure 5.6. Simplified frame analysis model

(Source: Wang 1993)

2. The Soil-Structure Interaction Approach: Both the subsoil and the
surrounding medium are modeled together with the tunnel structure. The free field

displacements are applied as boundary condition to the outer edges of the modeled soil
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medium. The use of soil-structure interaction is highly recommended, because only a

few assumptions are made in this method. Thus, a more reliable result can be expected.

5.3. Application of the Seismic Design Procedures in This Study

The axial and lateral deformations within the immersed tube tunnel, due to received
seismic waves, were calculated by using the tunnel-ground interaction approach, since
the seabed of the Izmir Bay is very soft. First, it was assumed that the earthquake wave
is applied to the structure in longitudinal direction and the max stresses and
deformations were found. These investigations were made by using both the closed
form solution method (simple hand calculation) and by a numerical analysis (finite
element) method. Assuming that the earthquake wave is applied to the tunnel in the
horizontal direction, the max stress in the tunnel was found. This calculation was made
by using both the simple frame analysis method and the soil-structure interaction
approach. Then the results were compared and results that are more realistic were taken

as the design values in the study.

5.3.1. Calculation of the Axial and Lateral Deformations of the

Immersed Tube Tunnel due to an Expected Seismic Wave Action

In the study, it was assumed that a shear wave propagating at 45 degree (angle
of incidence) to the tunnel axis would create the most critical axial strain within the
tunnel structure. The effective shear wave velocity (Cs) of the ground was taken as 130
m/s. This value is based on the Izmir Metro-Stage 1 Halkapinar-Ugyol Underground
Railway Project. In this design-construction project, it was considered that the shear

wave velocity (C) , of the Izmir soil changes from 130 m/s to 140 m/s (Tezcan 2007).

Moreover, this (C,) value can be calculated as follows:

C, =80.6-N"%! (5.27)

C, =80.6-4"7' =127m/s
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where, the N value was taken as 4 in Chapter 3.

Geotechnical Parameters

The effective unit mass of the submerged soil is calculated as follows:

Pt = Ps = Puater =1.600-1.027 =0.573t/m?’ (5.28)

where p; is the density of the saturated soil and p,,, 1S the density of sea-water.
The poison ratio of the loose silty-sand soil: v, =0.35

Soil deposit thickness over the rigid bedrock: Hg =150 m (assumed as an

average value between 50 m on Inciralt1 side and 250 m on Cigli side)

Earthquake Parameters for Type I (Severe) Earthquake Design

The magnitude of earthquake: M, = 7.5, source to distance: 10 km

Peak ground acceleration in soil from Table 3.3: Ay =3.34m/s”
The peak ground particle acceleration of the soil from Table 3.3: a_,=0.349
The peak particle acceleration,a,, associated with S waves is calculated as

follows:

a, =0.8-a,, =0.8-0.34=0272g (5.29)

where the 0.8 multiplier of 0.8 is depicted from the Table 5.2.

The peak particle velocity,V, , associated with S waves is calculated as follows:

V, :@-aS =ﬁ-0.272g =56.58cm/s=0.57m/s (5.30)
g

where the multiplier of &cm /s was depicted from the Table 5.1.
g

Structural Parameters

The ultimate strength of concrete C30: fy, =30 MPa
Concrete Young’s modulus for C30: E, =32000 MPa
Tunnel cross section area: A, =157 m?

Moment of inertia: 1, =21761m*
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Width of the tunnel: B=39.8m

Height of the tunnel: H = 10 m

5.3.1.1. Closed Form Solution Method

Using the tunnel-ground interaction procedure

1. The predominant natural period of the soil deposit, T , is estimated by Eq
5.14:

4HS =M: 4.728
c, 127

2. The idealized wavelength, L , is estimated by Eq 5.13:
L=T-C,=472-127=600m
3. The shear modulus of the soil, G, is calculated by Eq 5.24:
G, = ps -C* =0.773-127% = 90632245 N /m? =91 MPa

4. The equivalent spring coefficients, K, and K, of the soil are calculated by Eq
5.12:

_167-Gy(1-vs) H _167-9.1x107 -(1-0.35) 10
G-4xvy) L (3-0.35) 600

Kt =Ka

K, = K, =30830069N /m

5. The ground displacement amplitudes, D, and Dy are derived from the

equations below (Newmark 1968):
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27D

For free field axial strain: —— = C : (5.31)
b 0.57-600
T o272
D,=0.214 m
47°D
For free-field bending lateral: gcos3 45° = % (5.32)
-L* - cos’ 45
D, - A, : cos2
C, -4r
Dy =0.669 m

6. Maximum axial force and the corresponding axial strain of the tunnel lining

are calculated.

The maximum axial force, Qma, is calculated by Eq 5.4:

K,L 30830069 600
Q — 2w D = 2 : 10209
- K LY ° .o ( 30830069 j{600}
1+2 a il .
[ECAJ(M) 32000000000-157.42 )\ 27

Q. = 5.68x10%N
The maximum axial strain, & g , 1S found from Eq 5.5:

o Qun _ 5.68x10°
aial T E A 32000000000-157.42

73



Eaial = 0.00011

7. The maximum bending moment and corresponding bending strain of the
tunnel lining are calculated.

The maximum bending moment, M., by using Eq 5.6 is calculated as follows:

2
L) 30830069 [ 8%°
i 2x - 2z 0.669
D = .

b 30830069 600\
32000000000-21761 \ 27

M, =4016x10"" Nm

The maximum bending strain, €penging , is found from Eq 5.8:

o M (B/2) 5.072-10'°.39.8-0.5
bending™ E .1, 32000000000-21761-0.5

C

gbending =0.0011

8. The total strain that may develop during seismic activity is compared with the

allowable strain. The max axial strain, ¢ is found by Eq5.11:

max 2

€max = €axial T €bending < Eallowable

£, =0.0013 <0.002 = OK.

9. The maximum shear force,V 4 , due to the bending lateral is calculated by Eq

5.9:
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Ve =M 2Z_4016x100. 2%
L 600

max

V4 =4.203x10° N

10. The allowable shear force,V,,, , is found by Eq 5.10:

V, =0.22- oy - (Agear) = 0.22-20-(157—(0.8-6.7-4))-10°
V, =6.423x10° N

V4 <V,, the shear force does not exceed the allowable shear resistance.

Therefore, the tunnel has enough capacity to resist the shear forces.

11. The maximum bending stress, o, , is calculated by using Eq 5.7 as follows:

max 2

M (B/2)  5.072x10'%-39.8-0.5
le 28310.1

max

Oy = 36723562 N/m* =36.72 MPa

max

Omax = 36.72 MPa > fcd = 20MPa

max

where, f is the design compressive strength of C30 concrete.

12. The minimum bending stress, o, , is calculated by using Eq 5.33 as follows:

min *

_Mmin'(B/z)

| (5.33)

O =

min

c

O min =36.72 MPa (in tension)

Note that (-) sign denotes tensional stress in the tunnel concrete.
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|G in| >> fq =1.27 MPa

min

where f, is the design tensile strength of C30 concrete.

The concrete has not enough capacity to resist the bending stress occurring
during the seismic activity. Therefore, the internal forces must be relieved which can be
accomplished by increasing the flexibility of the structure. Section 5.4 discusses the
seismic analysis after rubber (or neoprene) joints are introduced in between two

adjacent tube unit.

5.3.1.2. Numeric Analysis Method (Finite Element Method)

In this study, the preferred method is the finite element analysis procedure which

is implemented by using SAP 2000, a structural analysis program.
The analysis of the tunnel was performed at a selected mid-route location for a part of
1800 m, of the tunnel which corresponds to three-wave length of the seismic motion of
the soil. A tube unit in 100 m length is divided into 90-cube elements. The model
contains 1926 solid elements and 3456 joints. Since the seabed soil is very loose, in
order to represent the soil-structure interaction, the soil is modelled as well. The seabed
soil is represented by a solid surface springs in SAP 2000. In order to represent
flexibility of the system, elastomeric joints are introduced between two adjacent tube
units. The modulus of elasticity of the elastomeric material used in the model is 3 MPa,
its poison ratio is 0.49, and the length of each elastomeric joint is 0.5 m.

The seismic design loads imposed on the tunnel is defined as displacements. In
other words, the earthquake loads for underground structures are represented in terms of
deformations and strains applied on such structure by the surrounding medium
(Hashash, et al. 2001). Turkey , on the other hand, has no code/standards for design and
construction of tunnels and for immersed tube tunnels in particular as of today. Thus,
the analysis of the system was conducted as an equivalent static analysis and the design
was made for loading condition used in the Far Eastern Projects and defined as below

(Egeli 1996, and Taiwan High Speed Railway Project 2003):

IDL +1LL +1EU (5.34)
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where DL is the dead load coming from the self weight of the structure, including
material layer and the weight of the water layer above the tube. LLis the live load
coming from the traffic loads and EU is the earthquake displacements (amplitude of the

wave) due to the shear wave. They can be calculated by the formula below:

. Xi
Yi = D'(COSa)'Slf{Zﬂ 'mj (5.35)

where Dis the amplitude of the wave, ais the angle of the shear wave with
respect to the tunnel longitudinal axis, Lis the length of the shear wave and x is the
distance.. In this equation, it was assumed that the amplitude of the shear wave is 1 m
because. It is well known that a maximum probable amplitude value of any shear wave

is assumed as 1 unit. The amplitudes D, and D, of the shear wave of the Izmir Bay was

calculated as 0.214m and 0.669 m. Since, the calculations are made considering worst
case scenario, in this study the amplitude of the shear wave is taken as 1 m. and the
angle of the incidence is 45 degrees. The shear wave is imposed on the structure as
shown in Figure 5.3. Since underground structures are constrained by surrounding
medium and they move together with the ground, the motion of the shear wave is the
same with the tunnel motion during an earthquake. In order to define the motion of the
tunnel during an earthquake, the calculated coordinates in Eq 5.35 are imposed on the
each node of the model in SAP2000 in lateral direction.

First, the analysis was made for the present situation of the seabed soil of the

[zmir Bay. The used modulus of subgrade reaction (k) value was taken as 174500

N/m’ (See Section 4.1.3). As a result of the analysis, the max compressive stress in
longitudinal direction was found as 21x10° N/m? (21 MPa). It develops on the outer
walls and the top corners of the tunnel, while in lateral direction, the max compressive
stress was found as 45.5 MPa and it develops on the inner walls of the tunnel. The
deformation of the structure during an earthquake is shown in Figure 5.7. The analysis

results are shown in Figures 5.8 and 5.9.
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Figure 5.7. The deformation of the tube unit during an earthquake.

The analysis shows that the max stress is higher than the design compressive
strength of the concrete (as the used concrete material is C30, f,4=20 MPa). To
eliminate this drawback, ground improvement should be applied to the seabed soil.
Assuming that ground improvement was made and the min SPT N value rises to 35

after the ground improvement, the new (K,) of the soil is calculated as 5600144 N/m’.

Then, a new analysis was made in SAP2000 by using the same model. As a result of
this analysis, the max compressive stress on the tunnel in both longitudinal direction
and lateral direction was decreased to 19.6x10° N/m? (19.6 MPa). It is less than the
compressive strength of the C30 concrete. However, the opposite face of the tunnel is
subjected to a tensile stress of the same magnitude (19.6 MPa). This value is

considerably larger than the tensile strength of the concrete (for C30 f.4q=1.25 MPa). In
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order to strengthen the structure against tensile stresses, prestressed concrete can be
used (Akan and Ozen 2005). The analysis results obtained after ground improvement
are shown in Figures 5.10 and 5.11.

The earthquake design of the tunnel was made by making quastatic analysis in
SAP 2000. In order to apply the SAP2000 modeling procedures, 4 noded solid element
was used and the soil fixed from x, y, and r, (rotation in z dir) axis. Therefore,
conservative stress values were found at the end of analysis. However, the tunnel is
moved together with the surrounding soil during an earthquake, thus the stresses in
lateral direction might be dramatically less than the finding. In addition, since the
elastomer joints are were used, it is probable that less stresses develop on the tubes in
both lateral and longitudinal direction during a seismic motion. Therefore, it is
suggested that in design phase detailed earthquake analysis of the tunnel was made to

obtain results that are more realistic.

max stress in longitudinal direction

21x10° N/m?

Figure 5.8. Max compressive stress on the tube in longitudinal direction (before

ground improvement
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Max stress in lateral direction

45.5x10° N/m?

Figure 5.9. Max compressive stress on the tube in lateral direction (before

ground improvement)

The max stress in I
longitudinal direction

19.6x10° N/m?

Figure 5.10. Max stress on the tube in longitudinal direction (after ground

improvement)
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The max stress in lateral direction

19.6x10° N/m?

Figure 5.11. Max stress on the tube in lateral direction (after ground improvement)

It should be noted that to be economic, the min SPT N value of the seabed soil
should be increased to 35 from the base of the tunnel to a depth of
0.75%x B(0.75x39.8 =30m) depth. (Egeli, et al. 1983). As this is a large width structure
where about 90% of the stress distribution within the seabed soil’s occurs within this
depth. After this point, SPT N=15 is enough until F.S.xB (1.25x39.8) = 50m) depth.
In this equation, F.S denotes the safety factor, which is taken as 1.25 (Egeli 1996).
Furthermore, it should be noted in here that, before placing the tube units to the seabed
soil the SPT wvalues should be verified by an independent and experienced ground
improvement sub consultant authorized by the ultimate owner or the BOT operator of

the structure.
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5.3.2. Calculation of Racking Deformation and Stresses of the

Immersed Tube Unit due to an Expected Seismic Wave Action

In this study, the racking deformation of the tube unit was calculated by using
both a simple frame analysis model, and a soil-structure interaction approach. The

results of the two different methods are tabulated for comparison.

5.3.2.1 Simple Frame Analysis Model:

First, the angular distortion of the soil is calculated by Eq 5.15:

Vv
Vs J057_ 60045
c, 127

Vs =

The free-field racking deformation is calculated by Eq 5.18

Afree_field = Vs - H =0.0045x10 =0.045m

The shear modulus of soil is calculated by Eq 5.24

G, = ps -Ci> = 0.573-127% = 90632245 N /m? =91 MPa

The following step is to calculate the force/length per unit displacement, which
is a requirement that causes a unit racking displacement of 1 m. This is accomplished by
modeling a 20 m segment of the tube. The reason why a length of 20 m was used here is
that hour glassing occurred. There was no problem, however, in the results by using 20
noded brick elements over the full length of the model. At the end, the total model
consisted of 18 elements (for the 20 m segment).

S, is calculated by Eq. 5.21:

S, =P/A=(8.21x10°/20)/(1) = 4.11x10* N/m?
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In the equation above, 20 is the length in meters of the length of the tube
segment and 1 is the unit deformation in meters. The deflected shape of the tunnel is
shown in Figure 5.12, and the force variable on the tube unit is illustrated in Figure

5.13.

rack_=d.frd

Figure 5.12. The deformation of the tube unit after applying unit-racking deflection.

The flexibility ratio is calculated by Eq 5.19:

Fo GsB  90632245%39.8

_ - e =0.88
SSH  4.11-10%x10

Since, the flexibility ratio is less than one; the structure is stiffer than the
medium and it will not deform as much as the soil.

According to the flexibility ratio, the racking coefficient is determined from
Figure 5.5.

For F=0.88, the racking coefficient is equal to 0.9

The racking deflection is determined by Eq 5.22:
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AS =R-A free— field — 0.9%x0.045=0.04m

This means that the racking deformation causes the top of the tube to deflect

0.04 m.

LC4:FORC
Tim:1.000000
entity:F3

max: 2.94e+009
min: —-5.40e+009

2.94e2+009

2.54e+009
2.14e+009
1.75=+009

1.35=+009
9.51e+008
5.53e+003
1.562+003
-2.41e+008
-6.38e+008
-1.04=+009
-1.43=+009
-1.83e+009
-2.23e+009
—2.62=+009
=3.02e+009
=3.42e+009
-3.52e+009
—4.21=+009 4z
-4 .61=+009
-5.01e+009
-5.40e+009 rack_3d.frd

Figure 5.13. Force averaging on the tube unit after applying unit deflection in lateral

direction

This deflection varies linearly over the height of the structure with no
deformation at the base and the max occurs at the top. The resulting stress is found as
9.64x10° N/m? and it develops upper right-hand corner of the tube. The analysis results
are illustrated in Figures 5.14 and 5.15.
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LC1:D0ISF
Tim:1.000000
entity:03

max: 4.00e-002
mim: 0.00e+000

max lateral displacement

.00e-002
.81e-002
.6Ze-002 0.04 m
.43e-002
.24e-002
.05e-002
.56e-002
.B7e-002
-48e-002
.29e-002
.10e-002
.90e-002
. 7le-002
.5Ze-002
.33e-002
.14e-002
.92e-003
.62e-003
.Fle-003 4 =
.51e-003
.90e-003
.00e+000 racking_son.frd

ko 0N O R R R R R NN LWL W R

Figure 5.14. Maximum racking deflection of the tube unit according to the simple

frame analysis model

LCZ:STRESS
Tim:1.000000
entity:Mises

max: 4.62e+007
min: 1.23e+006

max von misses stress

LBZ2e+007
4.62x10" N/m?
.1%9e+007
L98e+007
. FEe+007
.55e+007
. 3g4e+007
L1Z2e+007
.Y9le+007
.BY9=+007
.48e+007
. 27e+007
L 05e+007
L B4e+007
LBZe+007
Ldle+007
.19e+007
.E0e+006
.BSe+0065 &(Z
.Ble+008
. 37e+00A

Lol O 1 O VI o T o e Y A T A VY Y Y T R Y

. 23e+006 racking_son.frd

Figure 5.15. Maximum Von Misses stress of the tube unit according to simple

frame analysis model



5.3.2.2. Soil-Structure Interaction Approach

In this approach, a finite element is constructed. The model consists of a 20 m
segment in length of the tube tunnel together with the rock fill at the sides. Quadratic
hexagonal and wedge elements are used to represent the tube and the rocks. The soil,on
the other hand, is modeled by linear axial springs. The spring constants were calculated
by multiplying the modulus of subgrade reaction, k;, with the elements face area, and a
model weighting factor (see Section 4.1.4 for the calculation of spring constants

underneath a hexagonal element).

6 11
12 3
10
4
o 15 14
13 8
D 3
9 O 2
7
1

Figure 5.16. Fifteen noded wedge element in Calculix

(Source:Calculix 1.7 2007)

The racking analysis is performed by applying the free-field deformation to the
outer spring ends. Zero displacement is applied to the depth of 10 m, and

A tree_fielg = 0.045M s applied at the top level of the tube. By using this soil-structure

interaction approach, it was calculated that the tubes top surface is displaced by 0.0004
m which causes a Von Misses stress of only 3.37 MPa at the top of the tube. The
analysis results are shown in Figures 5.17 and 5.18.

As it is seen, the results from the simple frame analysis model are much more
conservative than the soil structure interaction approach. This is likely due to the fact

that the simple frame analysis, as the name implies, is simpler and also it is based on a
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number of assumptions (See Table 5.3 for the results). It is well known that whenever
two or more elastic bodies interact with each other an analysis based on the finite
element or finite difference method must be used. Since the tube structure, the side fill,
and the soil are different elastic materials, it can be concluded that the soil-structure

interaction result represents the real solution of the racking problem.

Table 5.3. Racking analysis results

Simplified Frame Analysis | Soil-Structure Interaction

Racking Analysis Results Model Approach

max lateral displacement

0.04 0.0004
(m)

max von misses stress

7 6
(N/m?) 4.62x10 3.37x10

L C1:0ISF
Tim:1.000000
Entity 03

mas: 4 .00e—-002
min: 0O.00e+000

. S54e—-003
.32e-003 The lateral displacement
.10e-003
0.0004 m
LEFe-003
462003
. 24e—003
.0Ze-003
. 81e-003
592003
.38e-003
. 1Be—003
.942-003
. P3e-003
.5le-003
.30e-003
.08e—-003
.B4e—004
. 482-004 &12
.3Ze-004
L16e-004
LO0e+000 racking3 . frd

Lo T A T O B O e N S el N LN L Y R VR Y Y B £ R S .Y

Figure 5.17. Racking deflection of the tube unit according to the soil-structure

interaction approach
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LCZ:STRESS
Tim:1.000000
entity:Mises

max: 3.37e+006
mim: O.002+000

.37e+008 max Von Misses stress
I .21e+006 6 D)
.05e+005 3.37 x10° N/m
. 89e+006
LF3e+006
LB7e+006
.4le+006
. Zhe+006
.0%9e+006
.95e+006
LFre+006
Ble+006
.4Ee+006
. 30e+006
Llde+006
Fre+005
A Fe+005
GB8e+005

. 99=+005 4z
. 392+005
.80e+005
_02e+004 racking3.frd

| B Y R N T B Ut B i e et o A 1 L T L O T L Y i |

Figure 5.18. Von misses stress of the tube unit according to simple frame analysis

model

5.4. Seismic Design Issues

The analysis in Section 5.3.1.1 concludes that high stresses develop in the
tunnel, if all tube units are rigidly interconnected. These stresses can be relieved if
elastomer joints are used in between two adjacent tube units. In addition, the tube tunnel
should be made impermeable against water leakage. Hence, flexible joint is
recommended for that reason too (Akimoto, et al. 2002).

Two different joint types are used to connect the adjacent tubes to each other:

a) Conventional Flexible Joint: This type of joint consists of rubber gasket and
connection cables. The cables and gaskets carry tensile and compression forces
respectively at joint parts. The cable-rubber gasket type flexible joint (conventional
flexible joint) which has been especially used for immersed tube tunnels in Japan is
shown in Figure 5.19. Due to possible lateral displacements of the tunnel, large
openings can occur between two adjacent tube units. If large openings occur, they

deteriorate the dewatering performance of the joints. Since, this type of joint cannot
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provide the dewatering activity between the tunnel elements; a highly flexible joint is

needed to absorb such large displacements (Kiyomiya, et al. 2004).

Rubber gasket

-’

= o

=
) | Coupter N N cave |

L =4-5m Bulk head

Figure 5.19. Conventional type flexible joint
(Source: Kiyomiya, et al. 2004)

b) Crown Seal Flexible Joint: This type of joint, which consists of a rubber
block, installed at the outside of the bulkhead and flanges connected to the rubber block
and fixed to an attachment plate, is a kind of pin structure. This type of joint shows
excellent performance to absorb the possibly resulting large openings, displacements,
and stresses induced by any seismic effect and by any differential settlement between

the tunnel units. (Kiyomiya, et al. 2004)

water pressure
Cover plate H fitting point

S v

Nose point

crown seal joint
Attachment

beam

V

Edge of Buffer rubber
tunnel tube

), I

Secondary cutoff
rubber

openning

Figure 5.20. Crown seal flexible joint
( Source: Akimoto 2002)
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5.5. Calculation of Longitudinal Movement between the Two

Immersed Tube Units during an Earthquake

The tube tunnels cannot be rigidly interconnected, because the internal stresses may rise
to such levels that cause structural failure during an earthquake. Therefore, it was
suggested to use flexible joints, which introduce flexibility, and thus reducing the
internal stresses.

The seismic shear waves cause the joints to be compressed in one side of the
tube, and to be extended on the other side. This applies to the right-left, and the top-
bottom sides of the tube interconnections, depending on the seismic wave’s direction
and properties. The top-bottom displacements are less important compared to the right-
left ones, because the tube height is smaller than its width.

The amount of extension and compression for these joints are investigated in
this section for a design specification. In this particular problem, the interconnection of
the adjacent two units at the maximum lateral are considered (units 36 and 37). Figure
5.21 shows an exaggerated layout of these units.

The calculation can be made based on the geometry in Figure 5.21. The y, ya,
and y; values are the amplitudes of the earthquake wave at x;, X,, and x5 distances and
they are calculated by Eq 5.33. In addition, 6,, 05 are the angles between the units and
the tube tunnel alignment, and 6, is the angle in between the two tube units.

The coordinates x;, X», and x3 in Figure 5.21 correspond to 3500" (i.e. station

3+500 km), 3600&’, and 3700 meters of the immersed tube tunnel.
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L=600 m

v

A

(x1,y1) LONGITUDINAL TUNNEL AXIS

Figure 5.21. The shape of the immersed tube unit during an earthquake

This means that, the 3500™ m. of the immersed tube tunnel is displaced by 0.499
m from the neutral axis during the earthquake (My=7.5).

y, =1-(cos45)- sin(2 3600 ]

72' - —_—
(600/cos45)

91



y, =0.706 m

This indicates that, the 3600™ m. of the immersed tube tunnel is displaced by
0.706 m from the neutral axis during the design earthquake (My,=7.5).

y; =1-(cos45)- sin(z 3700 ]

72' - —_—
(600/cos45)

y; =0.543 m

This shows that, the 3700™ m. of the immersed tube tunnel is displaced by 0.543
m from neutral axis during the design earthquake.
In order to calculate the corresponding distortion angles of 0, 0, and 03, the

following relationships are used.

tand, = % (5.36)
2 T

tand, = 0.002 — 6, = 0.002

Y;-Yo
X3-X)

tand; = (5.37)

tan@; =—-0.0016 — 6, =—-0.0016
The angular rotation between the two adjacent immersed tube units is equal
tod,. The opening value (the movement of the tube unit in the longitudinal direction)
can be calculated by multiplying the tangent of @, by the structure width.
A opening = tand, -W (5.39)

0, =0, +0, (5.5.4)

6, =0.002+0.0016 = 0.0036
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Apening = tan(0.0036) -39.8

A =0.14m

opening

The longitudinal movement between the 36™ and 37" tube units of the immersed
tube tunnel is found as 14 cm for the design ground motion. For instance, the axial and
shear displacement of the tube units of the Osaka Port’s Yumeshima Immersed Tube
Tunnel had been investigated in a study, by using both experimental method and the
numerical method during a seismic event. As a result of the study, it was found that the
displacement (opening) of the tube unit changes between 0 to 300 mm in the
longitudinal (axial) direction. Then, it was confirmed that these opening values are
tolerable displacement values and they do not bring about any water leakage during an
earthquake (Kiyomiya, et. al. 2004). Therefore, in order to confirm that the tunnel is
safe against the water leakage and intolerable movements at the time of the designed
seismic action, it should be checked that whether the found displacement (opening)
values calculated for this IBITT are less than the acceptable limits. Also, using the max
moment and shear values occurring due to the design earthquake (My=7.5) both in
racking (transverse) and longitudinal direction, concrete crack width checks should be
done to see if they are tolerable and cause no water leakage. As there is no standard
procedure for this check for immersed tube tunnels in Turkey, similar procedure used in

the Far East can be used (Egeli 1996).
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CHAPTER 6

GROUND IMPROVEMENT ALONG THE TUNNEL
ALIGNMENT

6.1. Ground Improvement

The soil along the tunnel route is very loose and does not enough capacity to
carry the imposed loads due to the tunnel construction. In other words, soil may
undergo large elastic settlements. In such a case, it is necessary to improve the technical
properties of in situ-soil.

To improve the soil, several techniques are available at the present time.
However, choosing of any ground improvement technique depends on the aim of the
ground improvement and the soil type. For instance, since the rock layer has been found
at about 250 m. depth near the Cigli side, deep foundation technique types (bored piles
socketed into bedrock, friction piles or fibrex piles, and pre-cast piles types friction
piles), ground improvement methods are not applicable for treatment of the tunnel
ground. It is known that precast or vibrex type friction displacement piles in Cigli side
and Mavisehir sides built in 1980°s continue to settle substantially (Egeli and Pulat
2008) and hence they cannot be considered as reliable foundations in such very deep
and very loose sub-soils. Other vibration techniques such as vibropacement (stone
columns), vibro piles, vibro compaction, and vibro-concrete columns unsuitable for
treatment of the tunnel route subsoil also. Because these methods are suitable to treat
the soil, only up to max 35 m depth from the seabed level.

Grouting which is an alternative ground improvement method can be used for
both rock and soil. Its principle is the injection of liquid materials under pressure into a
soil or rock to change its engineering properties. The following properties can be
improved by the grouting process:

1. Shear strength can be increased.

2. Compressibility, permeability, and liquefaction risk can be reduced.

3. Swelling and shrinking can be controlled.
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4. Durability can be extended.
There are four types of grouting methods:

1. Chemical (Permeation) Grouting

2. Slurry (Intrusion) Grouting

3. Jet (Replacement) Grouting

4. Compaction (Displacement) Grouting

6.1.1 Grouting Types

1. Chemical Grouting; is done by the injection of a chemically permeable material that
has low viscosity into sandy soil or rock under low pressure. This method is mostly
used for the purpose of controlling water flow and producing sandstone like masses to
carry the imposed loads. As this method is applied under low pressure, engineering
properties of the soil do not change and only its mechanical properties can change, such
as its permeability and porosity. The chemical grouting process is illustrated in Figures

6.1. and 6.2.

Figure 6.1. Chemical grouting process

(Source: Hayward Baker 2008)
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The chemical (permeation) grouting applications are shown below:

|

a) For lagging operation b) Support of footing

L

¢) Grouted tunnel support d) Pit excavation below water

— —_ - |

d) Grouted cut-off wall e) Grouted pipeline support

Figure 6.2. Chemical grouting applications

(Source: Hayward Baker 2008)

2. Slurry Grouting; (also called cement grouting) is done by intrusion of a low
viscosity, flowable particulate grout into voids and cracks in a soil, under high pressure.

This grouting is not possible for most of the tunnel-route soils, as N ) (corrected)
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values are less than 11. The application process of the slurry grouting process is

illustrated in Figure 6.3.

_ Dys(soil)
B D (grout)

where D is the grain size.

Figure 6.3. Slurry grouting process
(Source: Hayward Baker 2008)

Typical slurry (cement) grouting applications are:

. Rock foundation treatment of a dam site

. Rock cut-off curtains

o Pressure injected anchors

o Stabilization of gravels and shotcreted rock

3. Jet Grouting; is a versatile ground modification system used to create in-situ,
cemented formations of soils, called soilcrete. To form soilcrete, the injection pipe is
inserted into the soil at a desired depth. Then the soil is being subjected to a horizontal
high-pressure air water jet, at the same time the soil is mixed with grout, so the
engineering properties of the soil are improved. The most important advantage of this
method is that it can be applied to all soil types. The jet grouting process was shown in

Figure 6.4.
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Jet grouting applications are:
o Control of underground fluids
o Excavation of unstable soil

Increase the bearing capacity of soil

|
I%‘"

Figure 6.4. Jet grouting process

(Source: Hayward Baker 2008)

4. Compaction Grouting; is done by injection of a very viscous (low-mobility),
aggregate grout under high pressure to displace and compact the surrounding soil. This
method can be used in any type of soil and underwater, but mostly preferred in soils
finer than the medium sands. One of the most important advantages is that, its
maximum effect is obtained in the weakest soil zones. The compaction grouting process

is shown in Figure 6.5.

T U T s i b e i |

Figure 6.5. Compaction Grouting Process

(Source: Hayward Baker 2008)
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Compaction grouting applications:

o Densification of soil before construction

o Prevention of settlement in tunneling through soft ground
o Provide underpinning of structures

o Strengthen the supporting ground

o Increase the bearing capacity of the founding soils

Decreasing the liquefaction risk of subsoils.
6.2. Encountered Soil Issues of the izmir Bay

The izmir Bay seabed consists of very loose to loose silty sands/sandy silts (as
understood from the available 3 borehole data obtained from the DLH) with very low
SPT-N penetration values. Especially, near the Cigli side, the soil is like a deep swamp
and the penetration values are less than 2. This is why, the soil does not have allowable
bearing capacity to bear the loads transferred to it and causing very large and intolerable
total and differential settlements, underneath the tunnel base. Moreover, the existing
limited subsoil data also shows that the izmir Bay soil along the IBITT route has high
liquefaction risk, particularly near the Cigli side. Consequently, it is required to apply a
ground improvement process at the site along the tunnel alignment.

The reasons to make ground improvement are;
e Increase the bearing capacity
e Strengthen the shear strength of the ground
e Decreasing the liquefaction risk

e Decreasing the intolerable settlement
6.2.1 Which Method should be used?

The preferred method for the Izmir Bay is ‘compaction grouting’ type ground
improvement method by virtue of being the most appropriate method, in order to treat
the problems of the seabed soil of Izmir Bay. If four methods are compared, the reason
to choose this method can be understood as below;

Chemical grouting treats the soils’ mechanical properties, such as permeability

and porosity, but it has no effect on the engineering properties of a soil, because of
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being applied under low pressure. However, the grouting is necessary to improve the
shear strength and settlement properties of the tunnel seabed, as total settlements in
excess of 2.5 cm (25 mm) underneath the tunnel (ie. at the tunnel foundation level) can’t
be tolerated.

Although the slurry method is applied under a high pressure, it is suitable for
rocks and gravels, whose N -values are bigger than 11, but not for loose soils. Though
jet grouting can be used for most soil types, it’s actually not an injection method, but a
kind of mixer technique. Jet grouting mostly used to prevent excessive settlements
beneath the foundations of columns or to form an impermeable barrier against water
leakage for tunnels. In addition, it is still a controversial subject that whether this
method decreases the liquefaction risk of the soil. On top of that, the methods explained
above are not appropriate for using underwater. However, the compaction grouting is
especially used for large areas, including the underwater structures, by virtue of being a
displacement method, it also compacts the soil by displacing it. Because this method is
leads to further compaction of the surrounding soil, the engineering properties of the
soil are also improved. Moreover, it is preferred for liquefiable soils, in order to
diminish this drawback.

Consequently, when all the ground improvement methods are compared, it can
be understood that compaction grouting is the most proper one, in order to meet the
needs of the seabed soils along the tunnel alignment. In addition, if it is investigated, it
can be realized that compaction grouting is a most preferred improvement method for
immersed tube tunnels in the world as well as in the Marmaray Project of our country. It
should be noted that when doing compaction grouting type ground improvement, the
seabed soil area to be treated should be 5 m larger on either side of tunnel base. (i.e

39.8m+2x5=50m) due to the stress bulb extension at depth beneath the tunnel

foundation level. This also helps to reduce further bearing capacity/shear failure

problems at the edges of the tunnel base.

6.3. New Situation of the Seabed Soil after Ground Improvement

It is a good practice that, a 0.3 m thick sandlayer is placed under the tunnel to distribute
the loads evenly. The region that the ground improvement will be done, is the depth

between beneath the sand bed and the 50 m depth soil layer, where the min. SPT-N
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value should exceed 15 in the first stage. Later for the second stage, this value will be
risen to 35 from the beneath the sand bend to 0.75B (30 m) depth below the sandbed
(Egeli, et al. 1983).

6.3.1. Allowable Bearing Capacity of Soil after Ground Improvement

It was found that the min SPT N value after the ground improvement should be
35 so that the tunnel can resist to the seismic design movement (See Chapter 5).
Assuming that ground improvement has been made and the min N value rises to 35,
between the depth 0-30 m and it rises to 15 between the depth 30-50 m beneath the
foundation level, the new allowable bearing capacity of the soil is calculated as below:

a).Post ground improvement allowable bearing pressure, based on the ultimate

capacity

da/D =1 R,=0.5 Rw=0 from Figure 3.1

w
The ultimate bearing capacity of the seabed soil after ground improvement is

calculated by Eq 3.1:

Oy = 0.004882 - (3-35%-130.544-0+5- (100 +352)-93.48-0.5)

Qe = 1511.72 t/m?

The allowable bearing capacity of the seabed soil after ground improvement is

calculated by Eq 3.2:

151172

a

=503t/ m?

b) Post ground improvement allowable bearing pressure, based on max.

tolerable settlement of 2.5 cm

Poverburden =40 Psi =28.12t/m? (it had been calculated at part 3.1.2)
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Corrected N value is calculated by by Eq 3.3.a as below:

N :35-( 50 }235
40+10

The allowable bearing capacity of the seabed soil after ground improvement is

calculated by Eq 3.4:

2
130.544+1J 05)

=0.004882-(720-(35—-3)-
da (720-( ) (2-130.544

q, =14.27t/m?

Sincel4.27 t/m” is less than 503.27 t/m” the allowable bearing capacity of the
seabed soil was taken as 14.27 t/m’. This value is bigger than the additional (net)
effective pressure applied on the seabed soil. Thus, it can be said that the soil has

enough allowable bearing capacity after the ground improvement.
6.3.2. Liquefaction Potential of the Soil after Ground Improvement

The liquefaction potential of the seabed soil after ground improvement is

examined by using two different criteria as below:

6.3.2.1 Liquefaction Analysis by using Depth and SPT Data
Relationship

As it is mentioned earlier of this chapter, after the recommended ground
improvement, the new SPT N value of the seabed soil will rise to 35 from the tunnel
base to 0.75B (30 m depth). After this point, the SPT N value will be 15 until 50 m
meter depth beneath the tunnel base. From Figure 3.4., it can be seen that the

liquefaction potential for this new situation of the seabed soil is low.
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6.3.2.2. Liquefaction Analysis by using Simplified Procedure
The cyclic resistance ratio, CSR = 0.278 (See Chapter 3)

The corrected SPT N value,
Cyn,»Ce,.Cp,CR,Cq values were found in Chapter 3

ForN =N, =35, new (N1)60 value is calculated by Eq 3.10.
(N1)60 =Cpy-Ce-Cp-Cr-Cs N,
(N;)y, =0.375-1.0-1.15-1.0-1.10-35
(Ny)g, =16.6

From Figure 3.4 the CRR value is,

For (N;),, =16.6 and M, =7.5— CRR=1.6

At last, factor of safety can be calculated by Eq 3.5 as below;

Fg o CRR_ 16 o,
CSR 0278

F.S.=5.26 >1.25, thus, the soil has not been under liquefaction risk.

Both first method and second method shows that, the liquefaction potential of

the soil is diminished after the recommended ground improvement.

6.3.3. Static Analysis after Ground Improvement

Because the modulus of subgrade reaction value (ks) is improved, thanks to the
designed ground improvement, the settlement value of the soil is also diminished.

Therefore, the new static analysis should be performed in Calculix, according to the
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new ks value, in order to investigate whether the settlement of the soil can be tolerable
or not after ground improvement. The vertical displacement of the tube is calculated as
about 0.22 cm. The settlement value is well below the maximum tolerable 2.5 cm
settlement of the foundation soil. Therefore, it can be said that the seabed soil upon
which the IBITT will be placed will not have intolerable settlement. The analysis result

in Calculix is shown in Figure 6.6.

LC1:DISF
Tim:1.000000
entity 02

max: O.00e+000
mim: —2.24e-003

—1.86e-003
I —1.88e—-003
—1.90e-003
—1.92e-003
—1.93e-003
—1.95e-003
—1.97e-003
—1.99e-003
—2.01e-003
—2.03e-003
—2.042-003
—2.06e-003
—2.08e-003
—2.10e-003
—2.12e-003
—2.13e-003
—2.159e-003
—2.17e-003

max vertical displacement

0.22 cm

—-2.1%9e-003 ZAX
—-2.21e-003
—-2.23=-003
—2.24e-003 tubeall_waterimp.frd

Figure 6.6. Maximum vertical displacement of the immersed tube unit after ground

improvement

6.4. Analysis Results after Ground Improvement

As it is seen that thanks to recommended ground improvement:
e The allowable bearing capacity of soil is increased.
e The liquefaction risk of the soil is eliminated.
e Intolerable settlement is prevented.
e The soil has enough strength to resist the earthquake effect.

How the soil is treated after he ground improvement is shown in Table 6.1.

104



Table 6.1. The Situation of soil before and after ground improvement

Before After Ground
Ground Improvement Improvement
N=4 N=35
The allowable bearing
. 5 0.44 14.27
capacity (t/m”)
FS<1.25 FS>1.25
The liquefaction potential o o ‘ o
High liquefaction risk Low liquefaction risk
The settlement value (cm) 6.59 0.22
max stress in longitudinal
direction due to the 21 19.6

earthquake effect (MPa)
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CHAPTER 7

CONCLUSION

In this study, a preliminary design and analysis of an immersed tube tunnel
proposed for the izmir Bay is presented. First, the alignment where the tunnel can be
constructed was determined. Based on this alignment, the total length of the tunnel
has been determined, being 7580 m, among which 5560 m of this route is the
immersed tube tunnel. The width of each tube unit is 39.8 m., the height is 10 m.,
and the length is between 100 m and 120 m. The results obtained at the end of this
study have been summarized as below:

1. This study was based on the limited soil investigations done earlier and
archived by the Devlet Limanlar ve Havayollari (DLH) izmir Region. The test
results shows that the seabed of the Izmir Bay generally consist of very loose silty
sand/sandy silt layer, because the SPT-N values are less than 4 in the most parts of
the seabed soils.

2. The subsoil does not have enough allowable bearing capacity to resist
against the static loads placed upon it due to construction of the IBITT.

3. The liquefaction potential of the subsoil was also investigated. This
examination was made by using both the interaction diagram between the SPT-N
values v.s. the liquefaction risk and with respect to the procedure developed by Seed
and Idriss in 1983. These investigations show that the izmir Bay subsoil has high
liquefaction potential along the tunnel alignment.

4. The total settlement of the soil during construction was investigated. It
was found to be 6.59 cm, which is above the acceptable serviceability displacement
value of (2.5 cm).

5. In order to both increase the bearing capacity of the soil and reduce the
liquefaction risk, ground improvement was recommended and it was determined
that the most appropriate improvement type is compaction grouting, since this
method provides the opportunity to change the engineering properties of the seabed

soil.
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6. The response of the structure during a predetermined design seismic event
(My=7.5) was examined. Therefore, first the racking analysis was made to calculate
the racking deformations of the tunnel, due to the seismic wave. This analysis was
performed by using a simplified frame model and a soil-structure interaction
approach in Calculix. Since the second approach gives more realistic results than the
first approach, the latter results were taken into consideration. The total racking
deformation was found 0.0004 m and the total shear stress was 3.37x10° N/m”.
Thus, it was understood that the structure is reliable against racking deformation
during the design earthquake (M,,=7.5).

Then, the response of the structure during the same earthquake was
investigated assuming that the earthquake wave affects the structure in the
longitudinal direction applied at a 45-degree angle. The analysis was made by using
both a simplified procedure and various numerical methods. Both analyses showed
that the tunnel does not withstand against the design earthquake effect if the subsoil
are not improved.

7. To eliminate these drawbacks, compaction grouting type of ground
improvement method was recommended. Then, by assuming ground improvement
was made and the min SPT N value is increased to 35, all analyses were remade. As
a result, it was found that if the soil is treated, the soil reaches enough allowable
bearing capacity to resist the static loads imposed on it. The liquefaction risk of the
seabed soil is decreased, the settlement values can be tolerated and the immersed
tube tunnel has enough capacity to withstand the design seismic motion (M=7.5).

As a result of this study, it has been understood that in the prevailing
circumstances and use of the limited S.I. data available from the DLH, construction
of the immersed tube tunnel is technically possible and financially feasible.
Because:

1. There is an opportunity to have a straight crossing of the tunnel alignment
linearly.

2. The depth of the water is less than 20 m.

3. Taking the advantage of the natural buoyancy of water, the total load
transferred to the soil can be reduced. Hence, very loose seabed subsoil is not loaded
under excessive loads.

4. Since the soil is generally very loose silty sand, it is appropriate for the

recommended ground improvement. However, it should be noted here that during
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the feasibility report stage and later during the detailed design stage, more soil
investigations are needed to be done. In addition, it should be noted here that the
tunnel may be sunk to an additional 10m., if the currently used Izmir Port will be

continued to be used and larger ship will enter the Izmir Bay area.
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